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Abstract 
This thesis consists of three parts. Chapter 2 deals with the dynamic buckling behavior of 
steel braces under cyclic axial end displacement. Braces under such a loading condition be-
long to a class of "acceleration magnifying" structural components, in which a small motion 
at the loading points can cause large internal acceleration and inertia. This member-level in-
ertia is frequently ignored in current studies of braces and braced structures. This chapter 
shows that, under certain conditions, the inclusion of the member-level inertia can lead to 
brace behavior fundamentally different from that predicted by the quasi-static method. This 
result is to have significance in the correct use of the quasi-static, pseudo-dynamic and static 
condensation methods in the simulation of braces or braced structures under dynamic load-
ing. The strain magnitude and distribution in the braces are also studied in this chapter. 
Chapter 3 examines the effect of column uplift on the earthquake response of braced 
steel frames and explores the feasibility of flexible column-base anchoring. It is found that 
fully anchored braced-bay columns can induce extremely large internal forces in the braced-
bay members and their connections, thus increasing the risk of failures observed in recent 
earthquakes. Flexible braced-bay column anchoring can significantly reduce the braced bay 
member force, but at the same time also introduces large story drift and column uplift. The 
pounding of an uplifting column with its support can result in very high compressive axial 
force. 
Chapter 4 conducts a comparative study on the effectiveness of a proposed non-buckling 
bracing system and several conventional bracing systems. The non-buckling bracing sys-
tem eliminates buckling and thus can be composed of small individual braces distributed 
widely in a structure to reduce bracing force concentration and increase redundancy. The 
elimination of buckling results in a significantly more effective bracing system compared 
with the conventional bracing systems. Among the conventional bracing systems, bracing 
vi 
configurations and end conditions for the bracing members affect the effectiveness. 
The studies in Chapter 3 and Chapter 4 also indicate that code-designed conventionally 
braced steel frames can experience unacceptably severe response under the strong ground 
motions recorded during the recent Northridge and Kobe earthquakes. 
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Braced frames are often used in steel structures to increase lateral stiffness and reduce 
drift under such lateral loads as caused by winds and earthquakes. Frame structures with 
conventional bracing systems have high elastic strength and small-displacement stiffness. 
However, in seismically active regions, it is common practice to allow inelastic deforma-
tion in building structures during a strong earthquake. Bracing members, which give high 
stiffness to a frame structure, are especially susceptible to inelastic deformation under hori-
zontal earthquake loading. Although the inelastic deformation of a brace provides a means 
of energy dissipation, it has long been recognized that, under cyclic loading during an earth-
quake, the energy dissipation and load resisting abilities of the brace can be successively 
reduced with each load reversal. This reduction, or deterioration, of the energy dissipation 
and load resisting abilities can seriously impair the functioning of the brace and has been 
the focus of many experimental and analytical studies at the member level as well as at the 
structure level. 
At the member level, most of the studies have focused on the quasi-static hysteretic 
force-displacement relationship and its degradation under cyclic end displacement. Earth-
quake damage surveys [1, 2] and laboratory studies [3-8] have shown that local buckling 
and rupture, together with connection failure, are the primary modes of brace failures. Large 
axial strain causes local buckling, which in turn leads to rupture. However, knowledge of 
the strain magnitude and distribution in bracing members under cyclic end displacement is 
still very incomplete. 
There also have been results from shaking table and pseudo dynamic tests of structures 
2 
involving braces. Comparison of the two methods [6, 9] shows that they can give different 
responses. Strain rate effect has been identified as one of the possible factors that contributes 
to the differences. Another possible factor that has received little attention is the member-
level inertia effect that is not modeled in the pseudo-dynamic testing. This is especially true 
for a class of structural members termed "inertia magnifying" in which a small motion at the 
loading point can cause large internal acceleration and hence large inertia in the members. 
This is what happens in a brace during buckling, and so internal inertia may have significant 
effect on the dynamic response of braces. However, including internal inertia of braces is 
impractical in pseudo dynamic testing of braced structures due to the large number of actu-
ators and sensors required. An estimation of the member level inertia effect would facilitate 
more accurate interpretation of the test results. 
In the dynamic analysis of braced structures, including the member level inertia requires 
the use of mass-containing internal degrees of freedom along each member. Internal degrees 
of freedom without mass have been employed to accurately compute the nonlinear force-
deflection behavior of braces [10], and such degrees of freedom can be condensed out [11] 
to provide an efficient solution procedure. However, this technique only applies when the 
effect of internal inertia is small; otherwise the mass of the internal degrees of freedom must 
be retained, and the analysis becomes more costly. How the inertia affects the response of 
a brace, and under what conditions static condensation is applicable, along with the distri-
bution and magnitude of strains in the brace are the subjects of study in Chapter 2. 
Damage to braced steel frame structures during the 1994 Northridge earthquake and the 
1995 Hyogo-Ken Nanbu (Kobe) earthquake shows that heavy bracing can result in consid-
erable force in the braced bay columns and baseplates. During the Northridge earthquake, 
for example, dramatic failures were observed in the X-braced perimeter frames of the four-
story Oviatt Library at the California State University, Northridge campus [2]. Many of 
the heavy baseplates fractured across the width and through the thickness. In addition to 
the baseplate fractures, horizontal cracks were also observed along the welds connecting 
column flanges to the baseplates. 
3 
The lateral force resistance of the Oviatt Library building was provided mainly by the 
braced perimeter frames. The braced frames had a height to bay-width ratio of about 4.0 and 
had relatively strong braces. It bas been suggested [2] that the heavy floor area combined 
with small gravity load in the braced frames, and relatively strong bracing members in a 
small number of braced bays with large height -to-width ratio might have caused large uplift 
force in the braced bay columns and contributed to the failures. 
The damage in the Ashiyahama Seaside Town mega-frame apartment buildings during 
the 1995 Kobe earthquake also demonstrated the exceedingly large magnitude of member 
force in braced frames [ 12, 13]. These buildings, with heights ranging from 14 stories to 29 
stories and a footprint approximately 30 meters by 12 meters, consisted of modular blocks 
of apartments supported by steel truss mega-frames. The mega-frames were composed of 
two braced towers and transfer trusses. Each tower had a plan dimension of approximately 
2.5 meters (longitudinal direction) and 9.5 meters (width direction). The towers were each 
composed of eight columns: four exterior box columns (500 x 500 x 50 mm in the first story) 
and four interior H-columns. After the earthquake, tension failures were observed in many 
of the box columns. 
These failures underscore the danger and difficulty associated with designing structures 
whose lateral resistance is provided by a relatively small number of braced bays. In light of 
the failures, the idea of allowing column uplift in the braced bays has been floating around 
among some practicing engineers. Chapter 3 examines the effect of column uplift and ex-
plores the feasibility of flexible column-base anchoring. 
The buckling and the subsequent deterioration of conventional braces is one of the major 
shortcomings of concentrically braced steel frame structures. Small braces are especially 
susceptible to such shortcomings. However, as mentioned above, strong braces can result 
in large braced bay member force and increase the risk of failures in the braced bay members 
and their connections. Since buckling is the cause for brace deterioration, a non-buckling 
bracing system is proposed in Chapter 4 in an attempt to solve this dilemma. The proposed 
bracing system eliminates the possibility of brace buckling and the associated deterioration, 
4 
thus has a stable hysteretic characteristics and a more even distribution of strain along the 
length of the brace. 
The effectiveness of a bracing system is affected by a number of factors, including the 
configuration of the bracing system and the end conditions of individual bracing members in 
the system. The response of braced frame structures under earthquakes has been the subject 
of many experimental and analytical studies [4-6, 8, 14-20]. These studies are conducted 
under different conditions and, in most cases, using different structures. It is therefore dif-
ficult to compare the effectiveness of different bracing systems. Chapter 4 makes a system-
atic comparison study of the effectiveness of a steel frame structures with the same basic 




Individual Bracing Members 
2.1 General 
This chapter deals with the hysteretic behavior of individual steel braces under imposed cyc-
lic axial end displacement, with emphasis on the brace deformation and the effect of internal 
inertia. Section 2.2 outlines the problem and the method of analysis. Sections 2.3 and 2.4 
examine the quasi-static and dynamic hysteretic behaviors of individual steel braces. 
2.2 Outline of Problem and Analysis 
It is common practice to use static condensation at the member level to eliminate the internal 
degrees of freedom from the global equations in the dynamic analysis of large structures. It 
is also common practice to ignore the internal inertia of members in pseudo-dynamic test-
ing of structures under seismic loading. In most cases, the error introduced by this type of 
approximation is insignificant. But for a class of structural members termed "acceleration 
magnifying," in which a small motion at the loading point can cause large internal accelera-
tion, these techniques may be problematic because of the large inertia force associated with 
the acceleration. Braces that buckle under axial load exhibit such a characteristic and are 
the subject of study in this chapter. Explicit dynamic analysis will be used, and the results 
are compared with those from quasi-static analysis. Another purpose of this chapter is to 
study the deformation in the braces, the knowledge of which is necessary to understand the 
failure of the braces. 
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Cross-Sectional Slenderness Ratio K l I r 
Brace Length (m) Area (m2) Pin-ended Clamp-ended 
D4x4xll2 5.6 0.0045 153 76 
D6x6xll2 5.6 0.0071 98 49 
D8x8xll2 5.6 0.0097 72 36 
Dl2xl2xll2 5.6 0.0148 47 23 
Table 2.1: Summary of brace geometry. 
The study considers square tube steel braces of four different sizes summarized in 
Table 2.1. The length of all braces is 5.6 meters, which approximately corresponds to the 
length of a chevron brace extending from a beam-to-column joint to the mid-span of the 
beam above in a frame with story height of 3.5 m and bay width of 9.8 m. Pinned-pinned 
and clamped-clamped end conditions are considered for braces of each size. These should 
bound the end conditions found in actual structures. The slenderness ratios Kl I r for braces 
with the four cross-sections corresponding to the length are 153, 98, 72 and 47 for pinned-
pinned end condition, and 76, 49, 36 and 23 for clamped-clamped end condition, respect-
ively. The yield stress and ultimate stress of the material are taken to be 345 MPa and 
448 MParespectively. For the sake of programmil"!-g convenience the cross-sections are con-
sidered perfectly square and the roundness of the corners is neglected. 
The braces are first subjected to monotonic end compression to study the initial buck-
ling and post-buckling behaviors. Only quasi-static analysis is performed for the monotonic 
end compression. The effect of eccentricity is also studied for braces with pinned ends under 
such compression. The quasi-static response of the braces under cyclic axial end displace-
ment shown in Figure 2.1 is considered next, which is followed by dynamic analysis under 
the same cyclic end displacement scaled to different frequencies. The quasi-static and dy-
namic responses are compared to study the effect of the internal inertia. In all cases a brace 
is assumed to be positioned horizontally and is initially deflected by its own weight. The 
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imposed axial end displacement is applied at one end of the braces as shown in Figure 2.2. 
As a necessity, the mass of a brace is included in the dynamic analysis. 
The monotonic axial end compression is applied in steps until it reaches the maximum 
end displacement of0.06 meters. The sequence of the cyclic end displacement is comprised 
of several sinusoid cycles with ramped amplitudes at the beginning and the end, as shown 
in Figure 2.1. The displacement is intended to simulate the peak cycles in typical response 
of a structure during an earthquake. In the quasi-static analysis, the frequency of the dis-
placement cycles is of no significance, and the time acts only as a loading parameter. In the 
dynamic analysis, the time is scaled to achieve displacement histories with different fre-
quencies. The end displacement amplitude of 0.06 m corresponds to approximately 2.1% 
story drift for a frame with the chevron bracing system mentioned above and l.l% the length 
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Figure 2.1: Cyclic axial displacement that is imposed on one end of the braces. In dynamic analysis, the time 
is scaled to achieve displacement histories of different frequencies. 
Many analytical methods have been developed to model the cyclic behavior of steel 
braces in the past decades. These methods vary in accuracy and computational complex-
ity and can be divided into three general categories: physical models, phenomenological 
models and finite element models. A review of these models can be found in [15]. 
The phenomenological models try to mimic the observed hysteresis loops using simple 
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rules derived from experimental results. The use of the models requires a large number of 
empirical parameters and the accuracy is not satisfactory. 
The physical models are comprised of beam segments connected with one or more 
plastic hinges [10, 21-24]. The plastic hinges usually have an elasto-perfectly plastic 
moment-curvature relationship. The effect of the axial force on the moment capacity of 
the plastic hinges is taken into account through an empirical axial force-moment interaction 
equation. The beam segments between the hinges either allow elastic bending or have infin-
ite flexural stiffness and are capable of elastic and plastic axial deformation. These models 
require fewer input parameters and yield better accuracy than the phenomenological models. 
Neither models provide details about the deformation and yielding process in the braces. 
This study uses the fiber type finite element model presented in [10]. This model di-
vides a brace into sub-segments along its length and fibers over its cross-section. It em-
ploys a realistic hysteretic stress-strain law and includes the effect of large displacement, 
strain hardening, gradual spread of yielding and proper coupling of the axial and flexural 
yielding. A summary of this model is included in Appendix A on page 140. 
The computer program used in the analysis was originally designed for problems with 
specified load, not for situations involving specified displacement. To circumvent this limit-
ation, an auxiliary elastic spring with large stiffness (relative to that of the brace) is attached 
to one end of the brace and a force F is applied to cause the desired end displacement, as 
illustrated in Figure 2.2. The force F required to generate an end displacement of !i is 
(2.1) 
where Fb is the axial force in the brace, Ks is the stiffness of the auxiliary spring. Since 
IFb/ !il :S:: Kb « K 8 , where Kb is the initial axial stiffness of the brace, F can be approx-
imated by 
(2.2) 
thus converting a problem with specified displacement into one with specified load. 
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5.6 m 
(a) Pinned Ends 
5.6 m 
(b) Clamped Ends 
Figure 2.2: Analytic models for braces subjected to end displacement. Each brace is divided into 56 sub-
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Figure 2.3: Fiber representation of a 0-section brace for planar bending. 
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In applying the fiber element model, the braces are divided into 56 sub-elements, and 
each sub-element is divided into fibers over the cross-section as shown in Figure 2.3. The 
large number of sub-elements, which is far more than necessary to represent the load-
displacement behavior of the braces [25], is adopted here to accurately capture the detailed 
deformation along the braces. The axial stress-strain rule for a fiber, as shown in Figure A.3 
on page 148, includes strain hardening and Bauschinger effect. Initial residual stress is not 
considered here. The main aspects of the fiber element model and the numerical procedures 
are summarized in Appendix A on page 140, and more detailed information can be found 
in [11, 26]. 
2.3 Quasi Static Behavior 
This section focuses on the quasi-static behavior of the braces listed in Table 2.1 under 
monotonic and cyclic axial end displacements. Pinned-pinned and clamped-clamped end 
conditions are considered for braces of each size. Loading eccentricity is also considered 
for braces with pinned ends under monotonic end compression. 
2.3.1 Braces Under Monotonic Compression 
The braces are subjected to monotonically increasing compression at one end until the dis-
placement reaches 0.06 m. Pin-ended and clamp-ended braces without eccentricity are first 
considered, followed by pin-ended braces with eccentricity. The incremental steps are ad-
justed to capture the load-displacement path accurately. This usually means that the steps 
are smaller in the vicinity along the path where initial buckling occurs. 
Braces Without Eccentricity 
Figures 2.4 to 2.7 show the loading curves for the braces with pinned ends, and Figures 2.9 
to 2.12 show the same curves for braces with clamped ends. For all braces, the (absolute) 
axial force drops off after reaching its peak at a compression displacement between 0.5 em 
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and 1.0 em. This is different from the post-buckling behavior of linearly elastic braces 
whose axial force always increases with the end displacement. The cause that leads to this 
drop is the yielding of the braces. The largest fiber stress (or strain) occurs at mid-span in 
the outer-most fiber of a brace. The correlation of the drop in axial force and the occurrence 
of yielding can be seen clearly by comparing Figure 2.4 with Figure 2.8, in which the axial 
force is plotted against the mid-span top fiber strain of the D 4 x 4 x 1/2 brace. The axial 
force starts to drop after the fiber strain reaches the yielding strain of 0.00154. Plots for 
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Figure 2.4: Loading curve for aD 4 x 4 x 1/2 brace with pinned ends under monotonic end compression. 
Tables 2.2 and 2.3 list the axial force capacities of the braces computed according to 
different criteria: the Euler critical buckling load, the uniform yield load, and the computed 
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Figure 2.8: Axial force versus mid-span top fiber strain curve for aD 4x4x1/2 brace with pinned ends under 
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Figure 2.12: Loading curve for a D 12x 12xl /2 brace with clamped ends under monotonic end compression. 
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for braces with pinned ends and from 
(2.4) 
for braces with clamped ends. The uniform yield axial load is calculated from 
(2.5) 
Also shown in the table are the final axial loads and the maximum mid-span lateral deflection 
at the maximum end compression of 0.06 m. 
As is expected, the peak axial force is upper-bounded by the lesser of the Euler critical 
buckling load and the uniform yield axial load. One interesting observation is that if the 
difference between the Euler critical buckling load and the uniform yield axial load of a 
brace is small, the percentage of the post -buckling drop in the axial load is large, as can be 
seen in the ratio between the final and peak axial forces for braces D 6x6xl/2 and D 8x8xl/2 
with pinned ends in Table 2.2 and brace D 4 x 4 x 1/2 with clamped ends in Table 2.3. For 
these braces the drop in axial force immediately after the peak is also the steepest, as can be 
seen from Figures 2.5, 2.6 and 2.9. The steep drop is observed in laboratory experiments [3, 
22]. The post-buckling drop of the axial force is related to the deterioration of a brace under 
cyclic end displacement. Large drop often means more serious deterioration, therefore a 
small post -buckling drop in the axial force is preferable. 
Tables 2.2 and 2.3 also list the final mid-span lateral deflections of the braces. The gen-
eral trend is that braces with larger size have a smaller lateral deflection. This is probably 
because of a larger plastic shortening of the braces and a more even distribution of curvature 
over the length of the braces. Figure 2.13 shows a typical mid-span lateral deflection versus 
axial end displacement curve. A sudden increase in the lateral deflection is observed at the 
onset of buckling. Since the lateral deflection is several times larger than the corresponding 
axial displacement, the lateral acceleration is also expected to be large. It is of interest to 
know how the inertia force associated with the lateral acceleration affects the behavior of 
17 
Axial Load Capacity (kN) Mid-span 
Brace Deflection (m) Euler Yield Peak Final Final/Peak 
D4x4xl/2 394 1433 367 124 34% 0.385 
D6x6xl/2 1509 2251 1391 320 23% 0.373 
D8x8xl/2 3812 3075 2836 660 23% 0.349 
Dl2x12xl/2 13706 4704 4600 1800 39% 0.290 
Table 2.2: Summary results for braces with pinned ends under monotonic end compression. In the table, Euler 
refers to the Euler critical loads, Yield to the axial yielding loads, Peak to the computed peak axial loads, and 
Final to the computed axial loads at the maximum end compression. 
Axial Load Capacity (kN) Mid-span 
Brace Deflection (em) Euler Yield Peak Final Final/Peak 
D4x4xl/2 1576 1433 1303 280 21% 0.360 
D6x6xl/2 6036 2251 2205 805 37% 0.300 
D8x8xl/2 15248 3075 3018 1600 53% 0.240 
Dl2x12xl/2 54824 4704 4636 3564 77% 0.167 
Table 2.3: Summary results for braces with clamped ends under monotonic end compression. In the table, 
Euler refers to the Euler critical loads, Yield to the axial yielding loads. Peak to the computed peak axial loads, 
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Figure 2.13: Mid-span lateral deflection versus axial end displacement curve for a D 8 x 8 x 1/2 brace with 
pinned ends under monotonic end compression. 
the brace during earthquake motions. This topic will be addressed later in this chapter. 
Comparing Table 2.2 with Table 2.3 indicates that clamped ends increase the peak axial 
force capacity of slender braces by a large margin over braces of the same size with pinned 
ends. But for stocky braces, whose peak axial force capacity depends more on the yield axial 
force, this increase is smaller. In fact for the D 12 x 12 x 1/2 brace, the increase is barely 
noticeable. However it is interesting to note that for all 4 braces under study, a clamped 
end condition increases the post buckling axial load capacity by roughly 100% over that 
of pin-ended braces, which conforms with experimental data [27]. This result can also be 
predicted with the simple plastic hinge model shown in Figure 2.14, which ignores the axial 
deformation and the interaction between the moment capacity of the hinge and the axial 
force of a brace. Consider a small increment 6,.() in the angle 0. The corresponding decrease 
in lis 
6.1 = L sinO 6,.() (2.6) 
where L is the length of the undeformed brace. For a brace with clamped ends, the energy 
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balance equation is 
P!:ll = (M +2M+ M)f:l(} (2.7) 
where P is the axial force and M the plastic moment capacity of the brace. Solving the 
above equations yields 
P= 4M. 
L sin(} 





which shows that the axial force for a brace with pinned ends is half of that for one of the 
same size with clamped ends. It can also be easily seen from above that the energy dissip-
ation by a brace with clamped ends is twice of that by a brace with pinned ends under the 
same end displacement. 
l 
(a) Pinned Ends (b) Clamped Ends 
Figure 2.14: A simple plastic hinge model for estimating the post-buckling axial force and energy dissipation 
of braces. 
A clamped end condition also reduces the lateral deflection, especially for stocky braces, 
which can not be predicted by the above simple model. Clearly the above equations only 
applies to relatively large (} since P approaches infinite as (} approaches 0. 
Experiment results [3, 7, 28] and earthquake damage surveys [1, 2, 12] show that braces 
frequently fail as a result of local buckling that leads to severe local deformation and even-
tually cracking. Since large compressive deformation is the primary cause of local buckling 
and rupture, it is therefore of interest to study the deformation of the braces under axial end 
displacement. Figures 2.15~2.20 plot the distribution of fiber strains in the top and bottom 
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of braces with different sizes and end conditions at different stages of the compression. An 
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Figure 2.15: Distribution of top and bottom fiber strains over the length of a D 4 x 4 x 1/2 brace with pinned 
ends at different stages of the monotonic end compression. 
It is seen from the figures that for braces with pinned ends, the deformation is mostly 
concentrated on a short segment near the mid-span. For braces with clamped ends, the de-
formation is concentrated in short segments near the two ends as well as the mid-span. It 
is noted that braces with clamped ends, because of symmetry, the deformation in each half-
length is anti-symmetrical about the quarter point. The concentration of deformation is es-
pecially acute for braces of small cross-section, although this does not necessarily lead to 
larger strain in a brace of smaller size than in one of larger size, mainly because the outer-
most fibers in a smaller brace are closer to the centroid of the cross-section. The typical 
magnitude of maximum strain for the braces is several times the average axial strain ( 1.1% ), 
which could be enough to cause local buckling. 
Table 2.4 summarizes the mid-span strains in the top and bottom fibers of the braces. 
The compressive strains, which causes local buckling, are higher in braces with clamped 
ends than in braces with pinned ends for 3 of the 4 sizes. For braces with pinned ends, the 
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Figure 2.16: Distribution of top and bottom fiber strains over tbe lengtb of a 0 8 x 8 x 1/2 brace with pinned 
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Figure 2.17: Distribution of top and bottom fiber strains over tbe length of a 0 12x 12x 1/2 brace with pinned 
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Figure 2.18: Distribution oftop and bottom fiber strains over the length of aD 4x4x 1/2 brace with clamped 
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Figure 2.19: Distribution oftop and bottom fiber strains over the length of aD 8x8x 1/2 brace with clamped 
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Figure 2.20: Distribution oftop and bottom fiber strains over the length of aD 12xl2xl/2 brace with clamped 
ends at different stages of the monotonic end compression. 
Pin-Ended Clamp-Ended 
Brace 
Top Bottom Top Bottom 
D4x4x1/2 -1.9% 1.4% -3.1% 1.4% 
D6x6x1/2 -2.6% 1.5% -3.8% 0.9% 
D8x8x1/2 -3.4% 1.6% -4.0% 0.3% 
D 12x 12x 1/2 -3.8% 0.8% -3.7% 0.1% 
Table 2.4: Maximum mid-span fiber strains in braces with pinned or clamped ends under monotonic end com-
pression. 
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ends the trend is less clear. It is also noted that. even though the braces are under compres-
sion, significant tensile strain can develop in the bottom fibers. 
Braces With Eccentricity 
The end conditions in the above cases were applied without eccentricity. However in en-
gineering practice eccentricity is inevitable. It is therefore of interest to examine the effect 
of eccentricity on the behavior of braces with pinned ends. Braces with eccentricity ranging 
from 5% to 15% of the side width are subjected to the same end compression used above, 
and their axial force versus axial end displacement curves are compared with those of braces 
with concentric loading. 
~ 
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Figure 2.21: Loading curves for a D 6 x 6 x 1/2 brace with pinned ends and different eccentricities under 
monotonic end compression. 
Figure 2.21 shows the axial force versus end displacement curves for aD 6x6xl/2 brace 
with different levels of eccentricity: no eccentricity, with 5%, 10% and 15% eccentricity. It 
is seen that the peak compressive load of the brace is very sensitive to the eccentricity. But 
the effect of eccentricity on the axial force is significant only around the peak, and beyond 
this point the effect is almost unnoticeable. Braces of other sizes show similar results. Based 
on this result, from here on all braces will be considered to be loaded concentrically. 
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2.3.2 Braces Under Cyclic End Displacement 
The quasi-static behavior of braces under cyclic axial end displacement is the focus of this 
sub-section. The four braces in Table 2.1 on page 6 are subjected to the displacement se-
quence shown in Figure 2.1 on page 7. Both pinned-pinned and clamped-clamped end con-
ditions are considered. 
Braces With Pinned Ends 
Figures 2.22~2.25 show the hysteresis loops of the braces with pinned ends under cyclic 
end displacement. Serious deterioration after initial buckling is observed in all four braces. 
In the post-buckling cycles, the maximum axial force that can be supported by a brace un-
der compression is often only a small fraction of its initial buckling load and becomes even 
smaller with each cycle as a consequence of the accumulating residual lateral deflection and 
the Bauschinger effect which reduces the tangent modulus of the fibers. 
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Figure 2.22: Static response: Hysteresis loops of a D 4 x 4 x 1/2 brace with pinned ends under cyclic end 
displacement. 
The upper portions of the hysteresis loops, which correspond to the elongation phase of 
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Figure 2.25: Static response: Hysteresis loops of aD 12 x 12 x 1/2 brace with pinned ends under cyclic end 
displacement. 
flection of the braces. As a result, the area enclosed by the hysteresis loop in a cycle, which 
is equivalent to the energy dissipated through inelastic deformation in the cycle, experiences 
a large reduction. The severity of the deterioration is strongly related to the slenderness of 
a brace, with deterioration of slender braces more severe than stocky ones, as can be seen 
by comparing the hysteresis loops shown in the figures. 
The accumulation of inelastic axial elongation also affects the magnitude of the lateral 
deflection of the braces. As a result, the braces experience a larger lateral deflection under 
cyclic end displacement than under monotonic one of the same magnitude, as can be seen 
by comparing the maximum lateral deflections listed in Table 2.5 on page 31 and Table 2.2 
on page 17. The effect of elongation on the lateral deflection can be seen clearly in Fig-
ure 2.26, which shows a typical mid-span lateral deflection versus end axial displacement 
relation. After each elongation (the straight line segments near the top) the reversal curve 
traces a path of larger lateral deflection (absolute value). The reason for this is that the brace 
becomes longer as a result of inelastic elongation, and it has to bend more to accommodate 
the additional length when it is compressed. This results in a larger mid-span lateral deflec-
tion than when the brace is subjected to monotonic end displacement of the same magnitude. 
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The same can also be seen in the time history of the mid-span lateral deflection shown in 
Figure 2.27. One can see that the lateral deflection does not vanish even when the brace is 
subjected to its maximum tensile force, and when the end displacement finally returns to 
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Figure 2.26: Static response: Mid-span lateral deflection versus axial end displacement curves for a D 6x 6 x 
1/2 brace with pinned ends under cyclic end displacement. 
Shown in Figures 2.28 to 2.31 are the distributions of fiber strains over the length of these 
braces. Similar to braces under monotonic end compression, the strains are mostly concen-
trated near the mid-span of the braces, although the shape of the distribution is more com-
plicated. Maximum compressive strains always occur at the top, and the maximum tensile 
strains at the bottom of the braces. Because of the residual plastic bending deformation, the 
stain distribution is not uniform even under tensile force. 
The maximum tensile and compressive strains for the braces under cyclic end displace-
ment are summarized in Table 2.5 on page 31. Compared with Table 2.4 on page 23, the ef-
fect of brace size on the maximum compressive strain is more pronounced: there are larger 
compressive strains in braces of larger size. For example, under cyclic end displacements, 
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Figure 2.28: Static response: Distribution of top and bottom fiber strains over the length of aD 4 x 4 x 1/2 
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Figure 2.29: Static response: Distribution of top and bottom fiber strains over the length of a 0 6 x 6 x 1/2 
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Figure 2.30: Static response: Distribution of top and bottom fiber strains over the length of a 0 8 x 8 x 1/2 
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Figure 2.31: Static response: Distribution of top and bottom fiber strains over the length of aD 12 x 12 x 1/2 
brace under cyclic end displacement. 
the ratio under monotonic compression is 2. Excessive compressive strain poses the danger 
of causing local buckling and rupture of a brace. But it should be noted that the comparison 
is based on the assumption that all braces are subjected to the same end displacement. The 
end displacement which a brace in a structure is subjected to also depends on the strength 
of the brace itself. 
The maximum tensile strain for braces under cyclic displacement is about 3 times of the 
Brace Tensile Strain Compressive Strain Lateral Deflection (m) 
D4x4xl/2 2.6% -1.4% 0.52 
D6x6xl/2 3.2% -2.2% 0.51 
D8x8xl/2 3.6% -3.3% 0.50 
o 12x 12x 1/2 3.3% -5.0% 0.46 
Table 2.5: Summary of maximum responses for braces with pinned ends under cyclic end displacement. Max-
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Figure 2.32: Static response: Fiber strain histories for aD 8x8x1/2 brace with pinned ends under cyclic end 
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Figure 2.33: Static response: Distribution of energy dissipation over the length of D 4x4x 1/2, D 6x6x1/2. 
D 8 x 8 x 1/2 and D 12x 12x 1/2 braces with pinned ends under cyclic end displacement. 
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uniform tensile strain, which is, understandably, also larger than its counterpart for braces 
under monotonic end compression (Table 2.4 on page 23). One interesting characteristic 
to note is that the maximum tensile strain tends to accumulate when the fibers experience 
repeated plastic deformation. As shown in Figure 2.32, the tensile strain in the bottom fibers 
continues to grow after about T = 1.0 second even though the end displacement amplitude 
remains constant, as can be seen by comparing with Figure 2.1 on page 7. The strain remains 
positive even when the end displacement is negative. 
The distribution of energy dissipation over the length of the braces is shown in Fig-
ure 2.33. It is seen that the energy dissipation occurs mainly in a small region near the mid-
span of the braces. 
Braces With Clamped Ends 
It has been shown in Section 2.3.1 on page 10 that under monotonic end compression, 
clamped ends can roughly double the post -buckling load capacity of a brace. In this sub-
section, the effect of clamped end condition on the hysteretic behavior of braces under cyclic 
end displacement is studied. Except for the end condition, everything else is identical to the 
case of pinned end condition. 
Figures 2.34~2.36 show the hysteresis loops of braces with clamped ends. Compared 
with braces with pinned ends, braces with clamped ends develop fuller hysteresis loops, 
which means that they experience less deterioration and will be able to dissipate more en-
ergy in each cycle. Similar to braces with pinned ends, the hysteresis loops of large size 
braces appear more stable than those of smaller size ones. 
Shown in Figures 2.37~2.39 are the typical distribution of strains in the top and bot-
tom fibers over the length of braces with clamped ends. Similar to the case of braces under 
monotonic end compression, the deformation is mostly concentrated in short segments near 
the mid-span and the two ends, and there is a mirror symmetry between the top fiber strain 
and the bottom fiber strain about the quarter-span of the braces. However the maximum 
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Figure 2.37: Static response: Distribution of fiber strains in the top and bottom fibers over the length of a 
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Figure 2.38: Static response: Distribution of fiber strains in the top and bottom over the length of aD 8x8x1/2 
brace with clamped ends under cyclic end displacement. 
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Figure 2.39: Static response: Distribution of fiber strains in the top and bottom over the length of a D 12 x 
12 x 1/2 brace with clamped ends under cyclic end displacement. 
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Brace Tensile Strain Compressive Strain Lateral Deflection (m) 
D4x4xl/2 3.5% -3.1% 0.50 
D6x6xl/2 3.4% -4.7% 0.47 
D8x8xl/2 2.3% -5.8% 0.41 
o 12x 12x 1/2 2.5% -5.0% 0.25 
Table 2.6: Summary of maximum responses for braces with clamped ends under cyclic end compression. 
seen by comparing Table 2.6 with Table 2.4 on page 23. The maximum compressive strains 
for the braces with clamped ends are also higher than those of the braces of the same size 
with pinned ends shown in Table 2.5 on page 31. 
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Figure 2.40: Static response: Distribution of energy dissipation over the length of the 0 4x4x1/2, 0 6x6x1/2, 
0 8 x 8 x 1/2 and 0 12 x 12 x 1/2 braces with clamped ends under cyclic end displacement. 
Figure 2.40 shows the distribution of energy dissipation through inelastic deformation 
over the length of the four braces with clamped ends under cyclic end displacement. Com-
paring with Figure 2.33 on page 32 shows that the maximum energy dissipations per unit 
length for braces with pinned and clamped ends are about the same. The total inelastic 
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Energy Dissipation (kJ) 
Brace 
Pinned Ends Clamped Ends 
D4x4xl/2 165 301 
D6x6xl/2 376 720 
D8x8xl/2 678 1328 
Dl2x12xl/2 1556 2835 
Table 2.7: Summary of energy dissipation through plastic deformation for braces with different end conditions 
under cyclic end displacement. 
energy dissipation for each of the four braces with different end conditions is listed in 
Table 2.7. It is seen that the energy dissipated by a clamp-ended brace is about twice that 
dissipated by a pin-ended brace of the same size. This ratio agrees with the approximate 
result given by the plastic hinge model on page 19. Large braces dissipate more energy per 
unit cross-sectional area, as can be seen by comparing the energy dissipation in Table 2. 7 
with the cross-sectional areas in Table 2.1 on page 6. 
2.3.3 Summary 
The quasi static responses of four individual braces under monotonic and cyclic end dis-
placements have been studied in this section, with emphasis on the magnitude and distribu-
tion of axial strains in the braces. The main results are summarized as follows. 
The distribution of strains in the braces is highly uneven and strain concentration occurs. 
For braces with pinned ends, the strains are concentrated near the mid-span; for braces with 
clamped ends, the strains are concentrated both near the mid-span and the two ends. The 
maximum strain is usually several times the uniform strain. The size of a brace has signi-
ficant effect on the strain distribution and magnitude. This is especially true for the com-
pressive strain which causes local buckling. The axial strains in braces of smaller size tend 
to concentrate in a smaller length of the brace, however the magnitudes of (especially the 
39 
compressive) strains in braces of large size tend to be larger. 
The end conditions have a strong effect on the initial buckling load of a slender brace, 
while the effect of the yield stress dominates the initial buckling load for stocky ones. 
However for braces of all sizes, clamped ends significantly increase the post-buckling com-
pressive load and energy dissipation capacities. There is usually a steep drop in the axial 
load immediately after the initial buckling of a slender brace, and the post buckling axial 
load is usually only a small fraction of the initial buckling load with the exception of braces 
with very small slenderness ratio. The drop in axial load for very stocky braces is small and 
the hysteresis loops are quite stable. It is also noted that the drop in axial load after the initial 
buckling is affected by the closeness of the Euler critical buckling load and the yield axial 
load. The drop seems steeper for braces whose Euler critical buckling load and yield axial 
load are close. 
The maximum strains and lateral deflections of braces tend to be larger when subjected 
to cyclic end displacement than when subjected to monotonic end displacement of the same 
magnitude. Some response quantities, notably the lateral deflection and the tensile strain in 
the bottom fiber, tend to grow with each cycle even when the amplitude of the cycling end 
displacement remains constant. The magnitude of the lateral deflection is much larger than 
the axial end displacement, which suggests that the effect of the lateral inertia force under 
certain conditions may be important. 
2.4 Dynamic Behavior 
As was seen in the previous section, a brace can develop quite a large lateral deflection when 
it buckles. Judging from this there is reason to believe that the lateral acceleration can also 
be large, and the inertia force associated with the acceleration could have significant effect 
on the behavior of the brace. This is beyond what the above quasi-static analysis can account 
for and is the subject of this section. The goal of this section is to determine how, under what 
condition and to what extent, the inertia force affects the response of a brace under cyclic 
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end displacement. 
The dynamic responses of three braces with sizes of D 4x4xlj2, D 6x6xl/2 and D 8x 
8 x 1/2 are obtained by including the mass of the braces in the analysis. One important and 
complicated issue in dynamic analysis of structures is damping. According to the form in 
which it appears in the differential equations of motion, damping in building structures can 
usually be divided into two categories: viscous damping and hysteretic damping. Viscous 
damping is used to model energy dissipation that is dependent on the velocity of a structure, 
and hysteresis damping to model energy dissipation associated with permanent deformation 
of a structure. But in many practical problems the two are difficult to distinguished and are 
often lumped together. 
The viscous damping in discrete systems is frequently represented by the Caughey 
Series [29], especially in its simplified form: 
[C] = a[M] + ,6[K] (2.10) 
where [ M] is the mass matrix and [ K] the stiffness matrix of the system. The viscous damp-
ing associated with the mass term is related to the absolute motions of the mass, while that 
associated with the stiffness term is related to the relative motion among the nodes in the 
system. 
The damping coefficients a and ,6 in the above equation for a specific structure are usu-
ally computed from modal damping ratios based on available experimental data for similar 
structures. The experiments are usually conducted under elastic conditions. Because of this 
and its linearity, viscous damping in the above form is more appropriate to be used to model 
damping in structures under linear small amplitude vibrations. The portion of the damping 
associated with inelastic deformation is accounted for by a hysteresis model. 
Great amount of efforts have been directed towards the acquisition and accumulation of 
viscous damping data for various structures. Nevertheless, little information in this regard 
is available for structural elements like individual braces. Yet preliminary study indicates 
that the linear viscous damping represented by Equation 2.10 has significant effect on the 
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response of a brace under imposed cyclic end displacement. A 2% equivalent damping ratio, 
calculated at T = 0.5 sec and T = 1.5 sec, can increase tbe plastic energy dissipation of 
a brace by several fold over that of an undamped one. The increase of post-buckling axial 
load capacity caused by the damping is also significant. 
The damping ratio used for steel structures is normally in the range of 2%~5%, depend-
ing on factors like the types of wall fillings and beam-to-colunmjoints used in tbe structures. 
It is believed that much of the damping of a complete steel structure in elastic vibration can 
be attributed to the non-structural components. Moreover, the suitability of linear viscous 
damping in cases where the structure develops large plastic deformation is questionable be-
cause under such situation the viscous damping terms can cause excessive energy dissipa-
tion and internal forces [30]. Based on this argument, a damping ratio of 0.2% for the indi-
vidual braces is assumed in this study. 
Braces of three different sizes listed in Table 2.1 on page 6 are used in this part of the 
study: D 4x4x 1/2, D 6x6x 1/2 and D 8x8x 1/2, and only the pinned-pinned end condi-
tion is considered. The braces are subjected to three end displacement histories of different 
frequencies as listed in Table 2.8. One of them is plotted in Figure 2.1 on page 7, and the 
other two are derived from it through temporal scaling. The unsealed displacement history 
(H-05) has a period of 0.5 seconds. The two scaled displacement histories have a period of 
0.2 seconds (H-02) and 0.8 seconds (H-08), respectively. All of them have an identical peak 
amplitude of 0.06 meters. Since the differences between the responses of the braces under 
H-05 and H-08 are small, only tbe results under the latter, along with the results for H-02, 
will be discussed in detail. 
2.4.1 Under Displacement H-08 
Figures 2.41 and 2.42 show the typical dynamic time history of axial force and tbe hysteresis 
loops, respectively, of tbe D 6 x 6 x 1/2 brace under displacement H-08. From both figures 
one can see tbe high frequency vibrations that follow each buckling ofthe brace. Compar-
ing Figure 2.42 with the static hysteresis loops of the same brace shown in Figure 2.23 re-
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End Displacement History Peak Amplitude (m) Period (sec) 
H-02 0.06 0.2 
H-05 0.06 0.5 
H-08 0.06 0.8 
Table 2.8: End displacement histories used in the study of the dynamic behavior of braces. History H-05 is 
the same as that shown in Figure 2.1 on page 7 and the other two are derived from it through temporal scaling. 
veals two distinct differences: For the dynamic case, the peak compressive loads are higher 
(1750 kN versus 1350 kN), and the hysteresis loops are no longer smooth because of the 
high frequency vibrations that follow each buckling of the brace. But the areas covered by 
the loops do not seem to differ much. The higher dynamic buckling loads are attributed to 
the lateral inertia force which counters the bending of the shallow arch formed by the bent 
brace. 
The dynamic responses of the other two braces compare similarly with their static coun-
terparts, but the degree of difference is dependent on the size of the braces. The effect of 
dynamics on the maximum compressive axial force is greater for slender braces than for 
stocky ones. For example, the dynamic peak compressive axial load for the 0 4 x 4 x 1/2 
brace is 780 kN, compared with its static counterpart of 480 kN, while the comparison for 
the 0 8x8xl/2 brace is 2930 kN versus 2836 kN. More detailed comparison can be found 
in Table 2.9 on page 55. 
High frequency vibrations are also observed in the time history plot of the mid-span lat-
eral deflection in Figure 2.43 when the brace is straightened under tensile force. However, 
little of the vibrations are reflected in the axial force time history because the deflection is 
small and the brace vibrates more like a straight beam than an arch. It is interesting to ob-
serve that the high frequency vibrations diminish with each displacement cycle, probably 
because the tensile force is changing less abruptly with each cycle, both when the brace 
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Figure 2.41: Dynamic response: Axial force time history for a 0 6 x 6 x 1/2 brace with pinned ends under 
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Figure 2.42: Dynamic response: Hysteresis loops for a 0 6 x 6 x 1/2 brace with pinned ends under end dis-
placement H-08. 
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Figure 2.43: Dynamic response: History of mid-span lateral deflection for a D 6 x 6 x 1/2 brace with pinned 
ends under end displacement H-08. 
in Figure 2.42. Overall, the dynamic lateral deflection history does not differ much from 
the static one: The deflection is almost one-sided (mainly downward bending) and there is 
a significant residual lateral deflection after the end displacement vanishes. 
The magnitude and distribution of fiber strains differ very little from those in static ana-
lysis, as can be seen by comparing Figure 2.44 with Figure 2.29 on page 30, both of which 
show the fiber strain distributions of the D 6x6xl/2 brace from dynamic analysis and static 
analysis respectively. The same is also true for the other two braces. 
Figure 2.45 shows the distribution of energy dissipation over the length of the 3 braces. 
Again, compared with the static analysis results shown in Figure 2.33 on page 32, not much 
difference can be observed. 
The braces respond similarly to displacement history H-05, so the results are not dis-
cussed in detail. Summary results can be found in Figures 2.56~2.58 and Table 2.9 on 
page 55 in the later part of this section. 
The above results show that the effect of inertia force underrelatively long period end 
displacement inputs is mainly to increase the peak compressive force of the braces. As far 
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Figure 2.44: Dynamic response: Distribution of strains in the top and bottom fibers over the length of aD 6x 
6 x 1/2 brace with pinned ends under end displacement H-08. 
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Figure2.45: Dynamic response: Distribution of energy dissipation forD 4x4xlf2, D 6x6xl/2 and D 8x8xl/2 
braces with pinned ends under end displacement H-08 with 0.8 seconds period. 
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axial force can be viewed as a high frequency disturbance superimposed on the quasi-static 
response. Since the increase is momentary and the frequency of the disturbance is much 
higher than the frequency of the input, these effects are not expected to cause significant 
difference in the overall response of the whole structure. But localized effect on structural 
components adjacent to the braces is expected to be stronger. Based on this observation, 
neglecting the inertia of the braces and applying static condensation to the internal degrees 
of freedom would be appropriate for such a case. To be conservative, the compressive axial 
load capacity of the braces can be increased in the calculation of the internal forces of the 
immediately adjacent structural members to account for the dynamic effect. 
2.4.2 Under Displacement H-02 
Figures 2.46 and 2.4 7 show the axial force time history and the hysteresis loops, respect-
ively, of the 0 6 x 6 x 1/2 brace under end displacement history H-02. Compared with the 
results under end displacement history H-08, the effect of dynamics is more pronounced. 
The high frequency vibrations that accompany each buckling of the brace have larger amp-
litudes. The peak dynamic compressive axial force is much higher than its static counterpart 
(1200 kN versus 480 kN). The dynamic hysteresis loops bear much less resemblance to the 
static ones, as can be seen by comparing Figure 2.47 with Figure 2.23 on page 26. 
Besides the above differences, the dynamic responses of the braces under H -02 show 
a number of fundamental differences compared with the foregoing results. The difference 
between the dynamic and static lateral deflections is more striking than in the case with H-08 
and H-05. Under H-05 and H-08 the lateral deflections are basically one-sided downward 
bending because of the initial deflection caused by the weight of a brace. But under H-02 
the 0 4 x 4 x 1/2 brace is flipped over at about 0.45 sec in the time history and starts to 
bend mainly upward as shown in Figure 2.48, in despite of the initial downward deflection. 
The distribution of fiber strains over the length of the brace in Figure 2.49 shows that the 
deformation of the brace is still symmetric, although the shape is quite different from the 
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Figure 2.47: Dynamic response: Hysteresis loops for aD 6 x 6 x 1/2 brace under end displacement H-02. 
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Figure 2.48: Dynamic response: History of mid-span lateral deflection for a 0 4 x 4 x 1/2 brace under end 
displacement H-02. 
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Figure 2.49: Dynamic response: Distribution of fiber strains in the top and lower over the length of a 0 4 x 
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Figure 2.50: Dynamic response: History ofthe mid-span lateral deflection of a 0 6x6xl/2 brace with pinned 
ends under end displacement H-02. 
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Figure 2.51: Dynamic Response: History of the mid-span lateral deflection for a 0 8 x 8 x 1/2 brace with 
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Figure 2.52: Dynamic response: Distribution of fiber strains in the top and lower over the length of a 0 6 x 
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Figure 2.53: Dynamic response: Distribution of fiber strains in the top and lower over the length of a 0 8 x 
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Figure 2.54: Dynamic response: Distribution oflateral deflection over the length of aD 6x6xl/2 brace with 
pinned ends under end displacement H-02. 
The same phenomenon also occurs in the other two braces, as is evidenced by the mid-
span lateral deflection histories shown in Figures 2.50 and 2.51. But more fundamental 
departure from the quasi-static behavior is revealed in Figures 2.52 and 2.53 which plot the 
fiber strain distribution over the length of the braces. The figures show that the deformation 
of the two braces is no longer symmetrical and the maximum compressive fiber strain occurs 
at a point away from the mid-span. For the D 6x6xl/2 brace, the unsymmetrical deformation 
can be clearly seen in Figure 2.54, which plots the distribution of the lateral deflection of 
the brace at different stages of the time history. The unsymmetry is also reflected in the 
distribution of energy dissipation in Figure 2.55. 
It is not entirely clear why the braces develop unsymmetrical deformation. One possible 
explanation is that this is the result of anti-symmetrical buckling that often occurs in arches 
under distributed lateral load. When a brace is bent under axial compression, it may behave 
like such an arch, with the inertia force acting as the lateral load. For an arch whose height 
to chord ratio is within a certain range, the lowest buckling mode is anti-symmetric. The 
buckling load can be small in for the braces under study because of significant yielding. 
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Figure 2.55: Dynamic response: Distribution of energy dissipation of braces under end displacement H-02. 
since the maximum compressive strain occurs about a quarter of the length away from one 
of tbe ends, as is shown in Figures 2.52 and 2.53. Obviously this mode of deformation can 
not be predicted by static analysis. 
2.4.3 Summary Comparison 
The dynamic response of individual braces under a set of end displacement inputs with dif-
ferent frequencies has been the focus of this section. The study shows that the dynamic 
behavior of the braces under high frequency displacement inputs can be significantly dif-
ferent from that predicated by static analysis. Among the most striking differences are the 
phenomena of flip-over and unsymmetrical deformation which occur only when the inertia 
force of the braces is included in the analysis. 
To facilitate comparison, some of the important response quantities are plotted against 
the frequencies of the inputs in Figures 2.56~2.58 and summarized in Table 2.9 on page 55. 
Each response quantity in the figures is normalized to tbe corresponding quasi-static value. 
The quasi-static response can be viewed as a special case of dynamic response under end 
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Figure 2.56: Normalized peak compressive axial forces of braces D 4x4xl/2. D 6x6xl/2 and D 8x8xlj2 
with pinned ends under different end displacement inputs. The peak compressive force of each brace under 
different inputs is normalized to the corresponding quasi-static value. 
Figure 2.56 illustrates the dependence of the maximum peak compressive axial forces of 
the braces on the period of the end displacement inputs. It is seen that higher frequency nor-
mally means larger peak compressive axial force. But the degree of dependency is different 
for braces of different sizes, with the axial force of slender braces more susceptible to the 
effect of the input frequencies. For the D 4x4x 1/2 brace, the peak compressive axial force 
(1200 kN) under H-02 is about 3.3 times that from quasi-static analysis (362 kN), much 
higher than the Euler critical load (394 kN) and approaching the yielding axial load of the 
brace (1433 kN, see Table 2.2 on page 17). But for the D 8 x 8x 1/2 brace, the effect of the 
frequency on its peak axial force is barely noticeable. 
The insensitivity of the axial force of the stocky D 8x8x1 /2 brace to the input frequencies 
is attributed to the fact that the peak compressive axial force capacity of 2836 kN under 
quasi-static loading is already close to its axial yield force of 3075 kN (Table 2.2). There is 
little room for the axial force to increase any further when inertia is considered. The axial 
force capacity of a brace is limited by its axial yield capacity because the axial acceleration 
is relatively small. 
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Figure 2.57: Normalized peak compressive strains of braces 0 4 x 4 x 1/2, 0 6 x 6 x 1/2 and 0 8 x 8 x 1/2 
with pinned ends under different end displacement inputs. The peak compressive strain of each brace under 
different inputs is normalized to the corresponding quasi-static value. 
The closeness between the peak compressive axial force and the axial yield capacity for 
the 0 6 x 6 x 1/2 and 0 8 x 8 x 1/2 braces also explains why they develop unsymmetrical 
displacement under input H-02, while the slenderer o 4 x 4 x 1/2 brace does not. The reas-
oning is that, when the axial force in a brace is close to its yield capacity, yielding will occur 
over a large part of its cross-section. To maintain the axial force level, when further bend-
ing occurs, most of the fibers over the cross-section will experience new plastic incursion, 
thus resulting in small tangent bending stiffness and unsymmetrical buckling of the arched 
brace ensues under the lateral inertia force. For a slender brace, bending moment dominates, 
and when further bending occurs, significant portion of the fibers will experience unloading, 
thus resulting in higher tangent bending stiffness and higher buckling load. 
The effect of the input frequencies on the peak compressive fiber strains of the braces is 
less uniform than on the peak axial force, as shown in Figure 2.57. In all cases, the effect 
is small for period longer than 0.5 seconds. However, under H-02, which has a period of 
0.2 seconds, the peak compressive fiber strains in the 0 6x6x 1/2 and 0 8 x 8x 1/2 braces 
are about 80% and 50% higher, respectively, than the corresponding values from quasi-static 
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Size of Braces D4x4xl/2 D6x6xl/2 D8x8xl/2 
Energy Dissipation (kJ) 165 376 678 
Energy Dissip. Eff. 0.52 0.76 1.00 
u Peak Compression (kN) 362 1350 2836 ·~ 
"' -<Zl Peak Tensile Strain 2.6% 3.2% 3.6% 
Peak Compressive Strain -1.4% -2.2% -3.3% 
Energy Dissipation (kJ) 177 396 704 
u Energy Dissip. Eff. 0.54 0.77 1.00 
" "' 00 Peak Compression (kN) 780 1750 2930 0 
II 
Peak Tensile Strain 2.5% 3.2% 3.6% h 
Peak Compressive Strain -1.2% -2.0% -3.2% 
Energy Dissipation (kJ) 174 405 779 
u Energy Dissip. Eff. 0.48 0.71 1.00 
" "' lO Peak Compression (kN) 720 1830 2910 0 
II 
Peak Tensile Strain 2.8% 3.2% 3.2% h 
Peak Compressive Strain -1.2% -1.9% -3.2% 
Energy Dissipation (kJ) 238 742 1302 
u Energy Dissip. Eff. 0.39 0.79 1.00 
" '
"' Peak Compression (kN) 1200 2130 3070 0 
II 
Peak Tensile Strain 2.2% 2.6% 2.5% h 
Peak Compressive Strain -1.2% -4.0% -5.0% 
Table 2.9: Summary of dynamic responses of braces with pinned ends under cyclic end displacements that 
have the same peak amplitude but different frequencies. The energy dissipation efficiency is defined by di-
viding the energy dissipation of a brace with its cross-sectional area and normalized such that the efficiency 
of the D 8x 8 x 1/2 brace is I. 
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analysis, although the peak fiber strain in the D 4 x 4 x 1/2 brace is slightly lower. The 
difference is probably related to the fact that the former two braces develop unsymmetrical 
deformation. In terms of absolute value, the peak compressive fiber strains in the D 4 x 4 x 
1/2, D 6x6x1/2 and D 8x8x1/2 braces under H-02 are 1.2%, 4.0% and 5.0%, respectively. 
The last two braces have particularly large fiber strains, and there is reason to doubt that they 
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Figure 2.58: Normalized energy dissipations of braces 0 4x4xlj2, 0 6x6xl/2 and 0 8x8xl/2 with pinned 
ends under different end displacement inputs. The energy dissipation of each brace under different inputs is 
normalized to the quasi-static value. 
The energy dissipation of the braces is shown in Figure 2.58. Generally, higher fre-
quency of the end displacement input increases the energy dissipation of a brace. This is 
especially true for the D 6 x 6 x 1/2 and D 8 x 8 x 1/2 braces. Again, for the braces con-
sidered the difference is small for periods longer than 0.5 seconds. 
2.5 Conclusions 
The quasi-static and dynamic behaviors of individual bracing members under different end 
displacement inputs have been studied using a fiber element model. The study focuses on 
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the internal deformation and the effect of dynamics on the response of the braces and has 
yielded some interesting findings, based on which the following conclusions are made: 
l. For displacement inputs with relatively long period (greater than 0.5 seconds for the 
braces considered in this study), the inertia force of the braces does not have sig-
nificant effect on the peak fiber strain, energy dissipation and deformation pattern. 
However the effect on the peak compressive axial force can be significant. The ef-
fect of inertia on the axial force time history of a brace takes the form of high fre-
quency disturbance superimposed on the quasi-static response. Since this increase is 
momentary and the disturbance has a frequency much higher than that of the input, it 
is not expected to have significant impact on the overall response of the entire struc-
ture except for the localized effect on the internal forces of the structural components 
adjacent to the braces. Base on this observation, static condensation used to eliminate 
the internal degrees of freedom of the braces seems to be a reasonable approximation 
if the possible effect on the adjacent structural components is properly accounted for. 
2. For displacement inputs with relatively short period (less than 0.2 seconds for the 
braces considered in this study), the effect of lateral inertia on most response quantit-
ies is significant. Specifically, it can substantially increase the peak compressive axial 
force, compressive fiber strains and energy dissipation, and static treatment would be 
seriously in error. In stocky braces whose peak compressive force is close to the uni-
form yield axial force, high frequency input can result in unsymmetrical deformation 
that can not be predicted by quasi-static analysis. This unsymmetrical deformation 
seems to increase the maximum compressive fiber strain and the energy dissipation 
of such braces. Compared with the strain rate effect [31], the effect of inertia can be 
more significant for braces under certain conditions. 
3. The distribution of fiber strain over a brace under axial end displacement is highly un-
even, and strain concentration occurs. The maximum strain can be several times the 
equivalent uniform strain. The size of a brace affects its strain distribution and mag-
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nitude. Slender braces often have more severe strain concentration. But the maximum 
compressive strain, which is related to local buckling and is therefore more important, 
is often higher in stocky braces. 
4. The lateral deflection and fiber strain of a brace under cyclic end displacement are 
usually larger than under monotonic end displacement of the same magnitude, and 
the maximum lateral deflection is about an order larger than the corresponding axial 
end displacement. 
5. Eccentricity of a brace has significant effect on its compressive axial load capacity 
only in the vicinity of initial buckling since after the buckling occurs the lateral de-
flection is much larger than the eccentricity. 
Some aspects of the response of braces under cyclic end displacement are not considered 
in this study. Among these are the consideration of cross-sectional deformation and local 
buckling, both of which have been observed in laboratory testings [3, 7, 28]. The effect of 




Frames With Column Uplift 
3.1 General 
In light of the failures of braced steel frame structures during the Northridge and Kobe 
earthquakes, the idea of allowing column uplift in the braced bays has been floating around 
among some practicing engineers. The purpose of this chapter is to study the effect of 
column uplift and to explore the feasibility of flexible column anchoring. The fiber element 
model in [10] is used in the analysis ofthis chapter. 
3.2 Frames With Column Uplift 
A special six-bay four-story steel frame, which represents one of the two longitudinal frames 
of a one-bay by six -bay building, was designed for the purpose of this study. The config-
uration and dimensions of the frame are shown in Figure 3 .1. The loading condition for 
the frame is as following: 1771 kN dead load and 518 kN effective live load for each floor, 
1484 kN dead load and 518 kN effective live load for the roof. The dead loads contribute to 
both the reactive mass and the static load, while the live loads contribute only to the static 
load. The material used for the beams and columns has a yield strength of 248 MPa and an 
ultimate strength of 400 MPa. The corresponding values for the braces are 345 MPa and 
448 MPa, respectively. 
The frame consists of five vertical load-carrying (VLC) bays and one X-braced bay. The 
VLC bays are designed to carry primarily vertical load and to be ductile and flexible in the 
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horizontal direction, while the horizontal resistance of the frame is to be resisted primarily 
by the X-braced bay. The ductility of the beam-to-column connections in the VLC bays, 
other than their strength, will dictate the type of connections to be used. Because of this 
condition, bolted connections are likely to be a more suitable choice than welded ones, but 
due to lack of suitable model, the beam-to-column connections of the VLC bays are simu-
lated with the panel zone model in [10], with the strength reduced by half to consider the 
lower strength requirement. 
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Figure 3.1: Frame considered in Chapter 3. 
While the VLC bays will have the usual fully anchored column bases, several column-
base anchoring conditions, with one being fully anchored and the others allowing uplift, 
are considered for the X-braced bay. For frames with uplifting columns, to isolate the uplift 
displacement to the X-braced bay, the VLC bays and the X-braced bay are separated by a 
slide mechanism which permits the two adjacent columns between the two types of bays to 
have different vertical displacements but maintains the same horizontal displacement. In all 
cases, the bases of the X-braced-bay columns are always fixed in the horizontal direction. 
Based on the vertical column-base anchoring conditions of the X -braced bay, the following 
versions of the frame are considered: 
FIXED: All columns have completely anchored bases. This frame is intended to simu-
late conventional frames without column uplift. 
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UPLIFT 1: Columns in the X -braced bay are free to uplift. The supporting surface is sta-
tionary and pounding is possible. This type of column-base support condition 
is simulated by a bi-linear spring with a loading curve shown in Figure 3.2(a). 
UPLIFT2: Columns in the X-braced bay are flexibly anchored with steel tie-down tendons 
prestressed to their yield stress. The supporting surface is assumed to follow a 
column as it lifts off, so the uplift is cumulative and there is no pounding. This 
type of column-base support condition is simulated by a spring with a loading 
curve shown in Figure 3.2(b). Since the tie-down tendons are fully prestressed, 
they have a rigid-perfectly plastic loading curve. Tendon force capacities ran-
ging from 500 kN to 3000 kN for each column are considered. 
UPLIFT3: Columns have similar base support as in frame UPLIFT!, but the X-braced-
bay column at each side is connected with the adjacent VLC-bay column with 
shear dampers. The dampers have a loading curve shown in Figure 3.3. As 
with UPLIFT2, total damper shear capacities at each side of the X-braced bay 
ranging from 500 kN to 3000 kN are considered. The yield displacement of the 
dampers is taken to be 0.014 meters, and the linear stiffness is calculated from 
the shear capacity and the yield displacement. 
F F 
(a) Up-and-down Support (b) Up-only Support 
Figure 3.2: Loading curves for springs that simulate two types of supports for uplifting columns. 
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F 
Figure 3.3: Loading curves for shear dampers. 
For the frames that allow column uplift, the uplifting X -braced bay is designed to have 
high stiffness and strength and remain elastic during an earthquake to force deformation into 
the tie-down tendons in the case of frame UPLIFT2, or into the shear dampers in the case 
of frame UPLIFT3. Based on this concept the member sizes for the frames are designed as 
shown in Table 3.1. For comparability, the same member sizes are used for frame FIXED, 
although they exceed code requirement by a large margin, as can be seen in the push-over 
results shown in Figure 3 .4. 
The push-over results were obtained by subjecting the frames to static lateral forces with 
a vertical distribution calculated according to the Uniform Building Code. For frames UP-
LIFT2 and UPLIFT3, an uplift restraint of 1500 kN under each uplifting column is used. 
The base shear coefficient in the figure is defined as the ratio between the base shear and the 
total reactive weight of a frame and is related to the value 
(3.1) 
in the Uniform Building Code. The push-over loading curves in Figure 3.4 were traced up 
to the point where the program reported "fiber rupture", which often means that the fiber 
strain has exceeded the maximum allowable value because of the oscillation in the iteration 
process. 
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Figure 3.4: Push-over results for the four frames. The figure plots the base shear coefficient versus the roof 
displacement. The uplift restraint per column for frames UPLIFT2 and UPLIFT3 is 1500 kN. 
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Figure 3.5: Base shears resisted by different parts of frame UPLIFT2 during push-over. The uplift restraint 
per column is 1500 kN. 
once column uplift occurs. These braces provide base shear resistance that has a large elastic 
range because of the flexibility of the beams above them. Before column uplift occurs, they 
provide only a very small fraction of the total base shear. But their share of the base shear 
increases after column uplift occurs, as shown in Figure 3.5 for frame UPLIFT2. It is seen 
from the figure that the base shear resisted by these braces increases almost linearly up to 
a roof displacement of 0.11 meters, while the total base shear curve exhibits yielding at a 
roof displacement of 0.02 meters. 
The magnitude of the anchoring force for the X -braced bay is the most important para-
meter that affects the behavior of the frame. It detennines the maximum horizontal resist-
ance that the X-braced bay can provide. It also affects the maximum internal forces pro-
duced in the members of the X-braced bay. A small anchoring force makes uplifting easy 
and thus provides less horizontal resistance. A very large anchoring force turns the X-braced 
bay into a completely anchored bay. With optimal anchoring force the X-braced bay may 
provide sufficient horizontal resistance and at the same time keep the forces in its members 
below an acceptable level. The column uplift restraint also provides an energy dissipation 
mechanism. 
65 
3.3 Effect of Uplift Restraint 
Uplift restraint is an important parameter in frames that allows column uplift. Before study-
ing the behavior of such frames, a basic understanding of this parameter's effect is necessary. 
For the X-braced bay with up-only support, the uplift restraint is provided by tie-down ten-
dons prestressed to their yield capacity. For the X-braced bay with up-and-down support, 
the restraint is provided by shear dampers. The effect of the uplift restraint force on the 
response of the frames is studied by varying the tension capacity of the tie-down tendons 
or the shear capacity of the dampers and subjecting the frames to ground acceleration time 
history B-1 [32] scaled to 1.0 g peak acceleration. The seemingly exceedingly large peak 
acceleration is partially justified by two recent earthquake ground motion records, which 
produce response of similar level in the structures as can be seen later in this chapter. The 
scaling here does not affect the frequency contents of the ground motions. Details on the 
ground motions and their scaling are included in Appendix B on page 151. 
3.3.1 Tie-Down Tendons 
Frame UPLIFf2 with uplift restraint force (tie-down tendon capacity in this case) ranging 
from 500 kN to 3000 kN under each column of the X -braced bay was subjected to the above 
ground motion. Response parameters, including energy dissipation, peak base shear, mem-
ber forces and story drifts, are plotted versus the uplift restraint capacity. 
Figure 3.6 shows the effect of the tie-down tendon capacity on the energy demand on dif-
ferent structural components of the frame, excluding the energy dissipated by the tie-down 
tendons themselves. It is seen that increasing the tie-down tendon capacity generally re-
duces the overall plastic energy demand, but the reduction is insignificant when the capacity 
is over 1500 kN. In fact, here the energy demand on the beam-column connections increases 
slightly with the increase of the tie-down tendon capacity. In the range of tie-down tendon 
capacity considered, no buckling or yielding of the braces occurs, and so the plastic energy 
demand on the braces is zero. From this figure, it is concluded that allowing free column 
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Figure 3.6: Effect of tie-down tendon capacity on the plastic energy demand on structural components for 
UPLIFT2 under ground motion B 1 scaled to l.Og peak acceleration. 
Figure 3.7 shows the effect of the uplift restraint force on the energy that is converted 
into plastic energy of the tie-down tendon and into gravitational potential of the X-braced-
bay through uplift. The energy dissipated through uplift increases with the increase of the 
tie-down tendon capacity until it peaks at about 2500 kN, after which the energy thus dis-
sipated decreases with the increase of tie-down tendon capacity. This is what one would 
expect since larger column uplift restraint makes the behavior of the frame more like that 
of a completely-anchored frame. 
Plotted in Figure 3.8 are the peak total base shear and its breakdown into the amounts 
carried by the VLC bays and the X-braced bay. Both the total peak base shear and the base 
shear carried by the X -braced bay increases with the uplift restraint force, while the peak 
base shear in the VLC bays follows an opposite trend. Note that the sum of the peak base 
shears in the VLC bays and the X -braced bay does not equal the peak total base shear be-
cause the two peaks do not always occur at the same time. In fact the time history of the 
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Figure 3.7: Relation between tie-down tendon capacity and the energy dissipated by the tendons and gravity 
in frame UPLIFT2 under ground motion B-1 scaled to l.Og peak acceleration. 
VLC bays. The increase of uplift restraint also increases the axial force in the X -braced-bay 
columns, as is shown in Figure 3.9. 
Figures 3.10 and 3.11 show the story drifts of the VLC bays and the deformational story 
drifts of the X-braced bay, respectively, under different tie-down tendon capacities. The 
deformational drift of a story in the X -braced bay is the part of the story drift due to de-
formation of the frame, and is defined as the total story drift minus the drift associated with 
rigid rotation caused by uplift. From the figure one can see that increasing the tie-down ten-
don capacity reduces the story drifts of the VLC bays but increases the deformational story 
drifts of the X -braced bay, but the magnitude of the latter is much smaller than the former. 
The final column uplifts of the X -braced bay with different tie-down tendon capacities 
are plotted in Figure 3.12. As is expected, increasing the uplift restraint reduces the amount 
of column uplift. But the magnitude of uplift is very significant even with a restraint force 
capacity of 3000 kN. A more realistic indication of the uplift magnitude will be obtained 
with the Sylmar and Kobe earthquake ground motions later in this chapter. 
68 
500L0~--~1~0--~~~~~~~~-L~--~ 0 0 1500 2000 2500 3000 
Uplift Restraint Capacity (kN) 
Figure 3.8: Effect of tie-down tendon capacity on the peak base shears of frame UPL!Ff2 under ground mo-
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Figure 3.9: Peak axial force in fhe first story columns of fhe X-braced bay under different tie-down tendon 
capacities in frame UPL!Ff2 under ground motion B-1 scaled to l.Og peak acceleration. 
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Figure 3.10: Effect of tie-down tendon capacity on the peak story drifts of the VLC bays of frame UPL!Ff2 
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Figure 3.11: Effect of tie-down tendon capacity on the peak deformational story drifts of the X-braced bays 
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Figure 3.12: Effect of tie-down tendon capacity on the final amount of column uplift in frame UPL!Ff2 under 
ground motion B-1 scaled to l.Og peak acceleration. 
3.3.2 Shear Dampers 
The shear dampers between the uplifting X-braced bay and its adjacent VLC bays provide 
uplift restraint and energy dissipation. To study the effect of the shear capacity of the 
dampers, frame UPLIFT3 with a combined damper shear capacity on each side of the X-
braced bay ranging from 500 kN to 3000 kN was subjected to B-1 ground motion scaled to 
a peak acceleration of 1.0 g. The yield displacement of the shear dampers is fixed at 0.014 
meters, which was determined from numerical simulation of a steel plate damper. Assum-
ing that the shear capacity is adjusted by adding or removing identical individual damper 
plates, the yield displacement is the same even though the shear capacity can be different. 
Figure 3.13 shows the energy demand on different structural components (excluding the 
shear dampers) of the frame with different damper shear capacities. It is seen that larger 
damper shear capacities reduce energy demand on the structural components. But the effect 
is significant only for shear capacity under about 1500 kN. Above this level the shear capa-
city has very little effect on the energy demands. This behavior is similar to that of frame 
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Figure 3.13: Plastic energy demand on frame UPLIFT3 with different damper shear capacities under B-1 
ground motion scaled to 1.0 g peak acceleration. 
energy demand, as is seen by comparing Figure 3.13 and Figure 3.6 on page 66. Since the 
shear dampers cause large axial force and moment in the columns that separate the VLC 
bays and the X-braced bay, the energy demand on the frame with shear dampers is greater 
than that on the frame with tie-down tendons. 
Other responses quantities are plotted versus the damper shear capacity in Figure 3.14 
to Figure 3.18. Except for a few instances, they are similar to their counterparts with the 
prestressed steel tie-down tendons discussed in the previous section. One such exception is 
the peak first -story column axial force in the X -braced bay. The peak tensile column axial 
forces in the X -braced bay are much smaller than those with tie-down tendons. Also, the 
peak compressive axial forces are larger, and the relation with the damper shear capacity 
is less monotonic, probably because of the impact between the columns and the supporting 
surface. It should be noted that the column uplift shown in Figure 3.18 for frame UPLIFT3 
is the peak value, while that for frame UPLIFT2 shown in Figure 3.12 is the cumulative 
value. 
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Figure 3.14: Peak base shears for UPLIFT3 with different damper shear capacities under B-1 ground motion 
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Figure 3.15: Peak first-story X-braced bay column axial forces for frame UPLIFT3 with different damper 
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Figure 3.16: Peak story drifts of the VLC bays in frame UPLIFT3 with different damper shear capacities 
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Figure 3.17: Peak net story drifts of the X-braced bay in frame UPLIFT3 with different damper shear capa-
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Figure 3.18: Peak column uplift for frame UPLIFT3 with different damper shear capacities under B-1 ground 
motion scaled to 1.0 g peak acceleration. 
3.3.3 Summary 
In this section the effect of the X-braced-bay uplift restraint has been studied. The results 
show that increasing the restraint capacity usually reduces the responses of the VLC bays, 
but this is efficient only for restraint capacity under a certain level. As is expected, increas-
ing the uplift restrain capacity increases the lateral force resistance as well as the member 
forces and deformations in the X -braced bay. One beneficial effect of allowing column up-
lift is the reduction in the forces in the X -braced bay. But the magnitude of column uplift 
can be very significant even under the maximum amount of uplift restraint considered here. 
This is especially true for the frame with up-only column support for which the uplift is 
accumulative. 
3.4 Responses Under Various Ground Motions 
The responses of the four frames (FIXED, UPLIFT!, UPLIFT2 and UPLIFT3) under vari-
ous ground motions are considered in this section. The ground motions to which these 
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frames are subjected include a scaled artificial ground motion acceleration time history [32] 
and two ground motion records, one from the 1994 Northridge earthquake and the other 
from the 1995 Hyogo-Ken Nanbu (Kobe), Japan earthquake. 
3.4.1 Ground Motions of Different Amplitudes 
Frames FIXED and UPLIFf2 (with 2500 kN tie-down tendon capacity for each uplifting 
column) were subjected to a set of ground motions with peak accelerations ranging from 
0.1 g to 1.0 g. This set of ground motions was derived from the artificial ground acceleration 
time history B-1 [32] through amplitude scaling. No temporal scaling was performed, so the 
frequency content of these ground motions is identical. The focus of this part of the study 
is the behavior of the two frames under ground motions of different intensities. 
Figure 3.19 shows the cumulative column uplifts ofUPLIFf2 under the ground motions. 
It is seen that uplift occurs at a quite low level of ground motion (about 0.2 g), but the amount 
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Figure 3.19: Cumulative column uplifts in the X-braced bay ofUPLIFT2 with 2500 kN tendon capacity under 
ground motion B-1 scaled to different amplitudes. 
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Figure 3.20 illustrates the relation between the peak base shear in UPLIFT2 and the 
ground motion amplitude. The portions of the base shear carried by braces and by columns 
are plotted against the ground motion amplitude. Both increase with the ground motion 
amplitude. Because of uplift, the rate of increase for the base shear carried by the braces 
becomes lower for scaled ground motions with an amplitude greater than 0.2 g. The effect 
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Figure 3.20: Peak base shears in frame UPLIFT2 with 2500 kN tendon capacity under ground motion B-1 
scaled to different amplitudes. 
The slenderness ratios of the braces in the X-braced bay are in the range of plastic buck-
ling, and hence plastic deformation always accompanies brace buckling. None of the braces 
in frame UPLIFT2 buckle or yield in the range of amplitudes considered and they do not 
dissipate any energy as seen from the plots of energy dissipation in Figure 3.21. In con-
trast, braces in frame FIXED buckle and yield for scaled ground motions with an amplitude 
greater than 0.5 g, and the energy dissipation versus amplitude plots Figure 3.22 show a 
rapid increase in the plastic energy demand on the braces as the amplitude increases. The 
energy demands on beams, columns and beam-to-column connections for frame FIXED are 
higher than those for frame UPLIFT2. 
Similar comparison applies to the peak base shear, as can be seen by comparing Fig-
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Figure 3.21: Plastic energy demand on structural components of frame UPLIFT2 with 2500 kN tie-down 
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Figure 3.22: Plastic energy demand on structural components of frame FIXED under ground motion B-1 
scaled to different amplitudes. 
78 
ure 3.20 and Figure 3.23. It is of interest to note that, after the braces in frame FIXED buckle, 
the shear in the columns increases more rapidly with the ground motion amplitude, appar-
ently as a result of shear redistribution since the base shear carried by the braces effectively 
remains constant under scaled ground motions with an amplitude greater than 0.5 g. 
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Figure 3.23: Peak base shears in frame FIXED under ground motion B-1 scaled to different amplitudes. 
Shown in Figures 3.24 and 3.25 are the peak axial forces in the first-story columns in 
frames UPLIFI'2 and FIXED, respectively. It is seen that uplift reduces the the axial forces 
in the columns in the X-braced bay. The axial forces change little for ground motions with 
scaled amplitudes from 0.2 to 1.0 g. The buckling of the braces in frame FIXED also limits 
the magnitude of the axial forces in columns connected to the braces, but these forces are 
much higher than those in frame UPLIFI'2. 
3.4.2 Equal-Intensity Scaled Artificial Ground Motions 
Frames FIXED, UPLIFI'l, UPLIFI'2 and UPLIFI'3 were subjected to ground motions that 
were derived from artificial acceleration time history B-1 through temporal and amplitude 
scaling as described in Appendix B on page 151. The scaling was applied to obtain ground 
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Figure 3.24: Peak first-floor X-braced bay column axial forces in frame UPLIFTZ with 2500 kN tie-down 
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Figure 3.25: Peak first-floor X-braced-bay column axial forces in frame FIXED under ground motion B-1 
scaled to different amplitudes. 
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tie-down tendon capacity of 1500 kN for frame UPLIFf2 and the same amount of damper 
shear capacity for UPLIFT3 are used in this section. 
Shown in Figure 3.26 are the plastic energy demands on different structural components 
in the four frames under the equal-intensity scaling. The energy dissipated by the tie-down 
tendons in UPLIFf2 and by the shear dampers in UPLIFT3 are not included in the plots. 
From the figure it is seen that the energy demands on different components in UPLIFf2 
are the lowest among the four frames and are quite insensitive to the frequency content of 
the ground motion input. The energy demands on the beams, columns and beam-to-column 
connections for frame UPLIFfl are high because its uplifting bay provides little horizontal 
resistance. Frame UPLIFf3 has a high energy demand on its beam-to-column connections, 
probably due to the extra moment and axial force caused by the shear dampers. The braces 
in frame FIXED buckled and they did so over a large range of the scaling, resulting in large 
energy demand on both the braces and other structural components. 
Figure 3.27 shows the peak total base shear and the peak base shears carried by the VLC 
bays and the X-braced bay, respectively, of the four frames. In all frames, the VLC bays 
carry only a small portion of the total base shear, while the majority is carried by the X-
braced bay. For the range of scaling considered, the total base shear in frame FIXED is 
about twice as large as those in the other three frames with an uplifting bay. 
Plotted in Figure 3.28 are the peak story drifts of the VLC bays of the four frames. As 
is expected, the frame without uplift restraint (UPLIFT 1) has the largest story drifts among 
the four because of its low lateral resistance. Frame FIXED has the smallest story drifts ex-
cept in its first story where the X -braces buckled for some of the scaling factors. Because 
the buckled braces reduce the shear force delivered to the upper stories, these stories exper-
ienced relatively small story drifts. Frame UPLIFf2 has lower story drifts than does frame 
FIXED in the stories where the latter's X-braces buckled and has higher story drifts in the 
stories where these X -braces did not buckle. 
Figure 3.29 compares the peak axial forces in the first-story X-braced-bay columns in 
the four frames. It is seen that frame FIXED always has the largest compressive as well as 
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Figure 3.26: Comparison of plastic energy demand on structural components of frames with different X-
braced-bay column base conditions under ground motion B-1 with equal-intensity scaling. 
the largest tensile column axial forces, while frame UPLIFf2 has the smallest compressive 
column axial forces. The peak compressive column axial forces for UPLIFT! and UPLIFf3 
lie in between. Tensile column axial forces for all three frames with an uplifting bay are 
much lower than that for frame FIXED. Large column axial force increases the risk of failure 
in the columns themselves as well as their connections. 
It is of interest to note that the peak column axial forces for frame UPLIFf2 are very 
insensitive to the scaling, which means that they are not very sensitive to the frequency 
contents of the ground motion. The advantage of this characteristic is that it reduces the 
uncertainty of the earthquake forces associated with the frequency contents of the ground 
motion and makes a more accurate estimation of the column force possible. 
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Figure 3.27: Comparison of peak base shear in frames with different X-braced-bay column base conditions 
under ground motion B-1 with equal-intensity scaling. 
3.4.3 Earthquake Ground Motion Records 
Recent seismic events in the United States and Japan have generated some of strongest 
ground motions in terms of peak velocity and acceleration that have ever been recorded. 
These records provide particularly valuable data to the study of the response of structures 
to strong earthquakes. In this section frames FIXED. UPLIFf2 and UPLIFf3 (the later 
two with an uplift restraint of 1500 kN for each column of the X-braced bay) are subjec-
ted to three earthquake ground motion records with peak acceleration ranging from 0.36 g 
to 0.84 g. These records include one from the 1995 Kobe earthquake (JMA). one from the 
1994 Northridge earthquake (Sylmar), and the other from the 1985 Central Chile Earth-
quake (Vina del Mar). Details on these records can be found in Appendix Bon page 151. 
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Figure 3.28: Comparison of peak story drift ofVLC bays in frames with differentX-braced-bay column base 
conditions under ground motion B-1 with equal-intensity scaling. 
The response quantities of the three frames are listed in Tables 3.2 to 3.4. 
Table 3.2 summarizes the responses of the frames under the Kobe ground motion re-
cord. The first 4 rows show the story drifts in the VLC bays. The story drifts in FIXED are 
much smaller than those in the other two frames, except for the first story where the braces 
in FIXED buckled. The large story drifts in UPLIFT2 and UPLIFT3 are the price paid in 
exchange for smaller X-braced-bay member forces, as shown in rows 13 to 16. Because of 
the smaller member forces, the deformational story drifts (rows 5 to 8) in the X-braced bay 
of UPLIFT2 and UPLIFT3 are small. 
The plastic energy demands on different structural components are listed in rows 9 to 12. 
For UPLIFT2 and UPLIFT3 the energy dissipated by the uplift restraint, which dominates 
the energy dissipation as do the braces in FIXED, is not included in the table. Comparing the 
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Frames 
No. Response Quantities 
FIXED UPLIFf2 UPLIFf3 
1 1st Story 2.72 2.83 2.97 
~ - ~ 2 ..<:: 2nd Story 0.86 bJl 2.40 2.25 
-~ ~ " ::c: u 
3 Q 
""" 
3rd Story 0.63 2.40 2.24 
0 > -4 <J:l 4th Story 0.40 2.36 2.19 
""' 
~ 
5 "' ~ 1st Story 2.38 0.18 0.29 ~·c ~ 
6 
Q ~ 2nd Story 0.80 0.13 0.28 Q "Cl 
0 " 7 - ~ 3rd Story 0.57 <J:l ... 0.16 0.35 
~ 
' 
8 :>< 4th Story 0.34 0.11 0.17 
~ 
9 ~ Beams and Columns 349 156 420 
>. 




Beam-to-Column Joints 169 418 () 94 




Column CompressiveC2l 6517 2682 7176 ~ 
~ 
14 "' Column TensileC2l 4658 1182 602 " () ... 




Brace Tensi!eC2l 5018 2171 3634 -< 
17 Base Shear (kN) 8866 4449 7454 
18 Left Column Uplift (m)C3l 0.00 0.60 0.21 
19 Right Column Uplift (m)C3l 0.00 0.46 0.14 
Table 3.2: Peak responses of frames with different column-base anchoring conditions under the Kobe ground 
motion record. Notes: (I) For frames UPLIFT2 and UPLIFT3 these are the deformational story drifts of the 
uplift bay; (2) These are the peak axial forces in the first story columns of the X-braced bay; (3) Column uplifts 
for UPLIFT2 are cumulative values, while those for UPLIFT3 are peak values. 
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Frames 
No. Response Quantities 
FIXED UPLIFT2 UPLIFT3 
1 1st Story 1.84 1.74 1.52 
~ - ~ 2 ..c 2nd Story 0.70 bfJ 1.37 1.16 ·~ ~ <!.) 
::c: u 
3 >. ..-1 3rd Story 1.08 1.37 1.15 .... > 0 -4 "' 4th Story 0.41 1.31 1.09 ti' 
~ 
5 "' ~ 1st Story 1.51 0.14 0.13 G::: ·c ~ 
6 Cl ~ 2nd Story 0.64 0.14 0.14 C;> '1;) 
0 <!.) 
7 - ~ 3rd Story 1.02 0.15 0.16 "' .... ~ 
' 




Beams and Columns 195 30 19 -"' ~
>. 
10 ~ Braces 459 0 0 
11 
~ 
(.) Beam-to-Column Joints 79 25 60 
·~ -"' ro 
12 - Total 733 55 79 0... 
~ 
Column Compressive<2l 13 ~ 6857 2541 3057 
~ 
"' Column Tensi!e<2l 14 <!.) 5206 1210 354 B 
15 ~ Brace Compressive<2l 4626 2110 2090 ";;; 
·~ >< 
Brace Tensile<2J 16 <r: 4945 1966 1982 
17 Base Shear (kN) 8618 4237 4064 
18 Left Column Uplift (m)<3l 0.00 0.14 0.05 
19 Right Column Uplift (m)<3l 0.00 0.18 0.11 
Table 3.3: Peak responses of frames with different column base anchoring conditions to the Sylmar ground 
motion record. Notes: (I) For frames UPLIFT2 and UPLIFT3 these are the deformational story drifts of the 
uplift bay; (2) These are the peak axial forces in the first story columns of the X-braced bay; (3) Column uplifts 
for UPLIFT2 are cumulative values, while those for UPLIFT3 are peak values. 
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Frames 
No. Response Quantities 
FIXED UPLIFf2 UPLIFT3 
1 lst Story 0.37 0.45 0.97 
~ - ~ 2 ..c 2nd Story 0.27 0.34 0.74 Oil 
·~ ~ 0) 
::c: 
~ 3 Q 3rd Story 0.30 0.36 0.75 0 -4 r/). 4th Story 0.18 0.31 0.68 
~ 
~ 
5 "' ~ lst Story 0.21 0.12 0.16 ~ ~ ·c ~ 
6 c. ~ 2nd Story 0.23 0.12 0.16 Q "0 
0 0) 
7 - ;;] 3rd Story 0.27 0.14 0.19 r/). .... 
~ 
' 
8 :>< 4th Story 0.15 0.08 0.10 
~ 
9 
-. Beams and Columns 0 0 1 .,. 
~ 
;... 




Beam-to-Column Joints 18 0 40 u ·.;::: 
"' "' Total 18 0 41 12 -~ 
13 
~ 
Column Compressive<2) 3564 2309 3418 ~ 
~ 
14 "' Column Tensile(2) 2289 891 352 0) u .... 




Brace TensiJe(2) 2708 1522 2002 <: 
17 Base Shear (kN) 4907 2971 4249 
18 Left Column Uplift (m)(3) 0.00 0.11 0.06 
19 Right Column Uplift (m)(3) 0.00 0.14 0.06 
Table 3.4: Responses of frames with different column base anchoring conditions to the Vina del Mar ground 
motion record. Notes: (1) For frames UPLIFT2 and UPLIFT3 these are the deformational story drifts of the 
uplift bay; (2) These are the peak axial forces in the first story columns of the X-braced bay; (3) Column uplifts 
for UPLIFT2 are cumulative values, while those for UPLIFT3 are peak values. 
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Figure 3.29: Comparison of peak axial forces in the first-story columns for frames with different X-braced 
bay column base conditions under ground motion B-1 with equal-intensity scaling. 
plastic energy demands on beams and columns and on beam-to-column connections shows 
that frame UPLIFf2 has the smallest energy demands. As expected, there is a high plastic 
energy demand on the components of frame FIXED as a result of the brace buckling. But 
the energy demands on the beams and columns and on the beam-to-column connections 
of frame UPLIFf3 are also very high. A closer look at the plastic energy demand on the 
individual members in frame UPLIFf3 reveals that plastic deformation occured mainly in 
beams and beam-to-column connections adjacent to the uplifting bay. This is probably the 
result of the extra force and moment resulting from the shear dampers. 
The uplift restraint in frame UPLIFf2 is able to reduce the total base shear (row 17) and 
the member forces in X-braced-bay columns and braces (rows 13 to 16). As a result, the 
braces in frame UPLIFf2 (also true for UPLIFf3) did not yield under the ground motion. 
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However, the columns experience substantial uplift (row 18 and 19) and this may not be 
acceptable in practice. Frame FIXED has high axial forces in the X-braced-bay columns and 
braces. This is consistent with the column and baseplate failures observed in the Northridge 
and Kobe earthquakes. 
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Figure 3.30: Axial force and uplift time histories for the first-story uplifting columns in frame UPL!Ff3. 
Solid line-left column; dotted line-right column. Impact occurs when the uplifted column comes down. 
The impact causes a sudden increase in the axial force of the column. 
Frame UPLIFT3 also has high compressive axial forces in the X-braced-bay columns, 
apparently resulting from the impact that occurs when an uplifted column comes back down. 
Figure 3.30 shows part of the time history for the axial force in the first-story X-braced-bay 
columns along with the uplift displacement time histories. It is seen that the moments when 
the columns impact with its supporting surface are accompanied by spikes in the column 
axial force time history, e.g., at t = 4.0 and 4.4 seconds. No impacts occur in frame UP-
LIFT2, as evidenced by plots in Figure 3.31. 
The responses of the frames under the Sylmar ground motion (Table 3.3) are generally 
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Figure 3.31: Axial force and uplift time histories for the first-story uplifting columns in frame UPLIFf2. Solid 
lines-left column; dotted lines-right column. There is no impact. 
difference is that the braces in FIXED buckled on the third floor as well as on the first floor 
for the Sylmar ground motion. Responses under Vina del Mar ground motion, as shown in 
Table 3.4, are the least severe among the three ground motion histories. None of the braces 
buckled and the plastic energy demands on all structural components are minimal. 
The push-over result in Figure 3.4 on page 63 shows that the virgin strength of FIXED 
is much higher than that required by the Uniform Building Code. Nevertheless, the frame 
suffers very severe deformation when subjected to the Sylmar and Kobe ground motions. 
This raises question about the propriety of using the initial buckling strength of the braces 
as a reference strength in seismic design. A more reasonable approach may be to base the 
design strength on the post buckling capacity of the braces. 
3.4.4 Summary 
Comparing the responses of the four frames with different column base anchoring condi-
tions in the X-braced bay shows that tendon uplift restraint with up-only support can signi-
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ficantly reduce the member force, base shear and the energy demands on beams, columns 
and braces, but it can also introduce large story drift and column uplift. Pounding res-
ulting from column uplift for a stationary support can cause a significant increase in the 
column axial force. Completely anchored X-braced-bay columns result in large axial forces 
in columns and braces, and can cause brace buckling and large story drift in braced frames 
much stronger than code requirement. 
3.5 Conclusions 
The earthquake response characteristics of steel frames with different X-braced-bay column 
anchoring conditions have been the subject of this chapter. The results show that it is diffi-
cult to design a well behaved X -braced frame whose lateral resistance is provided by small 
number of heavy X-braced bays. Completely anchored X-braced bays can induce large 
member force in the X-braced bays, making the columns, braces and their connections vul-
nerable to cracking as was observed in recent earthquakes. It is possible for a braced frame 
with fixed column bases to suffer severe deformation under ground motions similar to those 
recorded in the Northridge and Kobe earthquakes even though the virgin strength of the 
frame is much higher than the code requirement. Flexible X-braced-bay column anchoring 
can significantly reduce the braced-bay member forces, but at the same time can also intro-
duce large story drift and column uplift. The pounding of an uplifting column on its support 
also increases its axial force. 
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Chapter4 
Frames With Different Bracing Systems 
4.1 General 
It was shown in Chapter 2 that slender braces are more susceptible to deterioration than 
stocky ones. But on the other hand, experience from past earthquakes and results from 
Chapter 3 show that using strong braces can result in large braced-bay member force and 
increase the risk of failures in the braced-bay members and their connections. Since buck-
ling is the cause for brace deterioration, in an attempt to solve this dilemma, a non-buckling 
bracing system is proposed in this chapter. Once buckling ceases to be a problem, a bracing 
system consisting of small but widely distributed bracing members can be used in place of 
one consisting of small number of large braces. This chapter focuses on the comparison 
study of the effectiveness of different bracing systems, including the above non-buckling 
bracing system and several conventional bracing systems with different configurations and 
brace end conditions. 
4.2 The Structures 
4.2.1 General Configuration 
The studies were conducted in the context of several six-story, 2-bay by 2-bay steel frame 
structures, each of which has a different bracing system. All these structures have been de-
rived from a six-story test structure designed for the U.S.-Japan Cooperative Earthquake 
Research Program Utilizing Large Scale Test Facilities [ 6] by varying the bracing system. 
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The original test structure represents a portion of a typical office building. It consists 
of three frames in the longitudinal (testing) direction, three frames in the transverse direc-
tion, and a composite floor system, as shown in Figure 4.1. In the longitudinal direction, the 
two exterior frames, designated as Frame A and Frame C, are of ductile moment-resisting 
type. The central longitudinal frame, designated as Frame B, is braced in the 1-2 bay with a 
concentric chevron bracing system. The two exterior frames in the transverse direction are 
diagonally X-braced to increase the torsional stiffness ofthe structure. The composite floor 
system is comprised of steel decking with headed studs as shear connectors and steel-wire-
mesh-reinforced cast-in-place lightweight concrete. In accordance with the purpose of the 
original testing, only the response in the longitudinal direction is considered. 
The structures considered in this chapter have the same column spacing and story height 
as the original test structure shown in Figure 4.1, but have different bracing systems. For 
structures with conventional braces, two bracing configurations are considered: chevron 
bracing and X-bracing, as shown in Figure 4.1(b) and Figure 4.2(a), respectively. For 
each configuration, both pinned-pinned and clamped-clamped brace end conditions are con-
sidered. In the pinned-pinned end condition, a bracing member can rotate freely at both 
ends; in the clamped end condition, the ends of a brace are assumed to rotate with the joints 
to which they are attached. 
The previous chapter and past earthquake damage [12] show that slender braces are more 
susceptible to deterioration under cyclic displacement. To improve the resistance to deteri-
oration, stockier braces (meaning fewer braced bays) can be used. But there is evidence 
that this can also be problematic. Firstly, there were instances [1, 12] during the Northridge 
and Kobe earthquakes in which braced-bay columns and baseplates suffered severe dam-
age. Since braced bays often have very high lateral stiffness compared with unbraced bays, 
a small number of heavily-braced bays in a large structure can produce excessive forces in 
the braced bay members. A small number of braced bays also reduces the redundancy of the 
structure. Secondly, as seen from the previous study, stocky braces also have higher fiber 
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lbl Elevollon Frome 8 
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Figure 4.1: Typical plan and elevations of the test structure [6]. 
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higher fiber strain can cause local buckling which in tum can lead to rupture. Because of 
this, stocky braces may be more brittle than slender ones. Another disadvantage with large 
structural members is the greater difficulty with welding. So using stocky braces may not 
be the best solution. 
To explore alternative bracing systems, a hypothetical non-buckling bracing system is 
considered in the study. The non-buckling system is composed of slip braces, and it dif-
fers from a conventional bracing system in that when a non-buckling brace is subjected to 
compressive force, it shortens automatically before its buckling load is reached, thus elim-
inating the residual tensile elongation and making it possible to take full advantage of the 
high tension capacity of the brace. Since the deterioration associated with buckling is not 
a problem for a slip brace, a large number of small slip braces can be distributed in many 
bays in a large structure, thus avoiding the problem of having only a few braced bays with 
heavy braces. 
For the structure with non-buckling braces, smaller braces are used in both bays of 
Frame B, as shown in Figure 4.2(b ). The total brace cross-sectional area in each story still 
equals to that of the conventional braces in Figure 4.2(a). In total five structures are con-
sidered, four with conventional braces and one with non-buckling braces. For structures 
with X -bracing, as shown in Figure 4.2, there are no cross connections between the cross 
braces in the first and sixth stories. Table 4.1 summarizes the five structures considered in 
this chapter. 
4.2.2 Slip Braces 
A slip brace is schematically shown in Figure 4.3. In the figure, the control unit controls 
the slipping and locking of the two yielding units. When the brace is under compression, 
the control unit allows the connection of the two yielding units to slip; when the brace is 
under tension, it locks them together. Although it is possible for such an assemblage to resist 
compressive force that is below the buckling load, this study assumes that no compressive 
resistance is present. 
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ZR - -- -
Z6 - -- -
Z5 - -- -
Z4 - -- -
Z3 - -- -
Z2 - -- -
Zl 
7.500 
(a) With conventional braces (b) With non-buckling braces 
Figure 4.2: Two X-bracing systems in Frame B. The two have the same total brace cross-sectional area in 
each story. 
Structure Bracing System 
F6PV Pin-ended Chevron braces. 
F6CV Clamp-ended Chevron braces. 
F6PX Pin-ended X-braces. 
F6CX Clamp-ended X-braces. 
F6SL Non-buckling slip braces. 
Table 4.1: Bracing systems of the five structures used in this study. 
~-----y_,_._~d-'ng_u_n_'_l----c~~~~~~~~~~~=u=n=llJI----Y-'·_~d-'n_"_Un_'_l ___ __ 
Figure 4.3: Schematic drawing of a slip brace. 
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Figure 4.4: Typical stress-strain path in the yielding units of a slip brace. 
A typical stress-strain curve for the yielding unit is shown in Fig 4.4, and examples of the 
hysteretic loops can be found in Figure 4.30 on page 127. Thus, energy dissipation comes 
entirely from plastic elongation. Since the control unit eliminates the residual elongation, 
the total elongation of the brace is limited by the allowable strain limit of the yielding units, 
not by the allowable story drift of a frame structure as in the case of conventional braces. 
The purpose of this chapter is to study the potential of the concept of non-buckling braces, 
not the implementation of such braces. 
4.2.3 Gravity and Lateral Force Design 
The original test structure was designed in accordance with the requirements of both the 
1979 Uniform Building Code (UBC) and the 1981 Japanese Aseismic Design Code, with 
a dead load of 3.60 kN/m2 (75 psf) for the roof and 4.31 kN/m2 (90 psf) for the floors, 
and a live load of 2.88 kN jm2 (60 psf) for the design of the slabs and floor beams and of 
1.77 kN/m2 (37 psf) for the design of the frames. The design was found to satisfy the 1985 
UBC requirements for structures in Zone 4 if the effective length factor of the braces is taken 
as 0.7 [6]. Hassan [14] redesigned the structure according to the 1988 Uniform Building 
Code as a braced moment resisting structure with Rw = 10. This results in smaller beam 
and column sizes and equal or larger brace sizes except for the first story. 
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Floor G1 G2 Story Brace 
Roof 16W31 16W31 6 0 5x 5x3/16 
6 16W31 16W31 5 05x5x3/16 
5 16W31 18W35 4 0 6 X 6 X 3/16 
4 18W35 18W35 3 06x6xl/4 
3 18W35 18W40 2 07x7xl/4 
2 18W40 18W40 1 07x7xl/4 
(a) Girders (b) Conventional Braces 
Story Cl C2 C3 C4 C5 
6-5 IOW33 10W33 IOW49 IOW33 12W40 
4-3 IOW39 12W53 IOW65 10W60 12W72 
2 12W50 12W65 12W79 12W79 12W106 
1 12W65 12W87 12W87 12Wl06 12W136 
(c) Columns 
Table 4.2: Member sizes for the six-story frame structures (longitudinal frames). 
The plan here was to study the redesigned structure. However, preliminary numerical 
analysis showed that excessive axial plastic deformation could easily occur in the columns 
of the braced bay. For this reason, the structures used in this study retain the beam and 
column sizes in the original test structure but adopt the brace sizes in the redesigned struc-
ture. The sizes of the relevant members are summarized in Table 4.2. Only the members 
relevant to the response in the longitudinal direction are included in the table. 
Girders, columns and beams are made of wide flange ASTM-A36 steel; and braces are 
made of ASTM A500 Grade B square steel tubes. The yield strength and ultimate strength 
of the ASTM-A36 steel are taken to be 249 MPa and 450 MPa respectively, and the yield 
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strength and ultimate strength of the ASTM A500 Grade B steel are taken to be 317 MPa 
and 510 MPa respectively. In Frames A, Band C, all girder to column joints use moment 
connections. 
4.3 Mathematical Model 
Nonlinear dynamical analysis of three dimensional structures is often computationally ex-
pensive. To improve computational efficiency, three dimensional structures are simplified 
into a two dimensional representation and loads applied in plane. Shown in Figure 4.5 is 
a two dimensional mathematical model representing the three dimensional frame structure 
shown in figure 4.1 on page 93. In the figure, Frame AC represents Frames A and C com-
bined, and Frame B is the same as in Figure 4.1. The mathematical model for the structures 
with X-bracing system is similar. 
The representation of the three dimensional structures by a two dimensional mathem-
atical model is based on the following assumptions: (1) Frames A and C have the same 
deformation; (2) Frames A, B, and C have the same horizontal displacement at the cent-
ral girder-to-column joints of each floor. Since the structures under study have an almost 
symmetrical configuration and high torsional stiffness, the rotational response of the struc-
ture under translational earthquake motions should be minimal, and frames A and C should 
have about the same deformation. The second assumption is justified by the high in-plane 
stiffness of the floor system. 
In Figure 4.5 each pair of nodes on Line 2 on the same floor level in Frame AC and 
Frame B are connected by an imaginary horizontal rigid bar so that the two nodes have the 
same horizontal displacement. This is actually done in the computer code by assigning the 
same degree of freedom (DOF) number to the horizontal displacement component of each 
pair of the corresponding nodes in the two frames. This avoids the increase in the condition 
number of the stiffness matrix that could otherwise be introduced by actually connecting the 
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Figure 4.5: Mathematical model of the six-story building. Frame AC represents the combined Frames A 
and C in Figure 4.1. On Line 2, Frames A and B have the same horizontal floor displacement. 
model is a side-by-side combination of the corresponding members in Frames A and C of the 
three dimensional structure. That is, a member in Frame AC has widths equal to the sum of 
the widths of the corresponding members in Frame A and Frame C of the three dimensional 
structures. The height of the members remains unchanged. 
In the analysis of the structures, all the dead loads are included in the calculation of the 
vertical static load as well as the reactive mass which produces inertia force in dynamic 
response. The 1.77 kN/m2 live load is also included in the calculation of the static vertical 
loads but, in accordance with UBC, is excluded from the calculation of the reactive mass. 
The 2.88 kN/m2 live load used in the design of the slabs and beams is not included in the 
analysis of the frames. As thus, the resulting reactive mass is 88.0 x 103 kg (863 kN in 
weight) for the roof and 105.5xl03 kg (1035 kN in weight) for each floor, and the resulting 
static vertical loads are 1287 kN for the roof and 1458 kN for each floor, as summarized in 
Table 4.3. The P-~ effect of the static loads is taken into consideration. 
To give an idea of the overall strength of the structures, push-over response of two of 
them, F6PV and F6PX, were obtained by subjecting the structures to lateral static loads with 
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Story Static Load Reactive Mass 
Roof 1287 kN 88.0 X 103 kg 
6 1458 kN 105.5 X 103 kg 
5 1458 kN 105.5 X 103 kg 
4 1458 kN 105.5 X 103 kg 
3 1458 kN 105.5 X 103 kg 
2 1458 kN 105.5x103 kg 
Table 4.3: Static loads and reactive mass that are included in the analysis. 
a distribution over the height calculated according to the Uniform Building Code. Figure 4.6 
plots the base shear coefficient versus the roof lateral displacement for the two structures. 
The base shear coefficient is defined as the ratio between the base shear and the total reactive 
weight of a structure and is corresponding to the value 
(4.1) 
in the Uniform Building Code. F6PX is seen to have an ultimate base shear coefficient 40% 
higher than F6PV. The lower lateral resistance for F6PV is attributed to the bending of the 
girders in the braced bay that accompanies the buckling of the braces. When comparing 
with the code requirement, it should be kept in mind that 100% yield strength is used here 
for all components. 
All girder-to-column joints in the frames have a moment resistant connection. The force 
deformation characteristic of a joint is dependent on the panel zone, the modeling of which 
is summarized in Appendix A. More detailed information can be found in [ 10]. The effect of 
the finite dimension of the joints is not considered. Instead, the center-to-center dimensions 
are used. This results in a weaker structure and should be keep in mind when interpreting 
the results. Another simplification that reduces the strength and stiffness of the structure is 
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the exclusion of the effect of the composite floor system on the girder stiffness and strength. 
The energy dissipation mechanisms considered in the analysis include hysteretic energy 
dissipation and viscous damping energy dissipation. The former is included in the element 
models and therefore there is no need for explicit consideration in the equation of motion. 
The viscous damping is represented by the Rayleigh damping matrix 
[C] = ao[M] + a1[K] (4.2) 
where [ M] and [ K] are the mass matrix and the initial stiffness matrix, respectively, of the 
structure. A damping coefficient of2%, calculated at T = 0.2 seconds and T = 1.0 seconds, 
is assumed. The use of linear viscous damping as given in the above form in nonlinear dy-
namic analysis is problematic. It can result in excessive energy dissipation by certain struc-
tural components. This is related to the fact that the damping matrix [C] contains the con-
stant initial stiffness matrix and the energy dissipation by this part of the damping matrix is 
related to the relative motion of the structure. When the stiffness of a structural component 
is reduced because of yielding or buckling, large relative motion can result, causing excess-
ive energy dissipation by viscous damping. To avoid this potential problem, the stiffness 
of structural components that are most likely to experience such stiffness reduction are ex-
cluded from the calculation of the damping matrix [ C]. These include the braces and panel 
zones. 
As was shown in the Chapter 2, the mass of a brace can have significant effect on there-
sponse of the brace under high frequency vibration. But this is not expected to occur for the 
structures considered in this chapter since the fundamental periods of these structures are 
relatively long (0.8 seconds under small amplitude vibrations and longer under large amp-
litude vibrations). To confirm this, structure F6CV was subjected to the Kobe and Sylmar 
ground motions (see Appendix B) with and without the mass of the braces being included. 
Table 4.4lists the peak story drift values of the structure obtained under the two conditions, 
and the differences are indeed very small. Based on this result, the mass of the braces is 
ignored for the structures considered in this study. 
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Kobe Ground Motion Sylmar Ground Motion 
Story 
With Mass Without Mass With Mass Without Mass 
1 0.129 m 0.129 m 0.087m 0.093 m 
2 0.318 m 0.323 m 0.211 m 0.215 m 
3 0.535 m 0.532m 0.180 m 0.186m 
4 0.093m 0.097m 0.026m 0.026m 
5 0.060m 0.062m 0.049m 0.048 m 
6 0.029m 0.030m 0.027m 0.027m 
Table 4.4: Effect of brace mass on peak story drifts for the Kobe and Sy !mar ground motions. The results 
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Figure 4.6: Push-over responses for F6PV and F6PX. 
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4.4 Response Comparison 
In this section the responses of the five structures listed in Table 4.1 under the Kobe and 
Sylmar ground motions are compared to study their earthquake performance and the effect 
of different bracing systems. Besides the original records, ground motions derived from the 
two records through scaling, as described in Appendix B on page 151, are also used. Since 
the responses are affected by the frequency characteristics of the structures, one structure 
may have smaller response than another under certain ground motions and have larger re-
sponse under other ground motions. It is therefore necessary to consider the comparison 
under ground motions with a wide range of frequency contents. Temporal scaling is used 
to generate such ground motions. Another use of the scaled ground motions is to study the 
response of the structures under ground motions of different intensities. It will be apparent 
from the following sections that the employed ground motions cause very severe nonlinear 
response in the frames analyzed, beyond what would be needed to cause local buckling and 
rupture in highly deformed regions. Even though such behavior is not modeled, the results 
are useful for evaluating the relative merits of the bracing systems. 
The comparison of the earthquake performance of structures can be based on a num-
ber of response quantities: displacement, deformation, force and energy dissipation. Un-
der linear response the stress or force level is considered a good indication of the response 
amplitude. However few structures are designed to remain elastic even under moderate 
earthquakes. For structures that undergo significant plastic deformation, these quantities 
are poor indicators because once yielding occurs they are insensitive to the response level. 
Under such conditions, deformation, displacement and energy dissipation are more appro-
priate measures of the response. 
Peak deformation such as story drift indicates the extent of repair that is required to re-
store a partially damaged structure and is also related to non-structural damage. The en-
ergy dissipated is an indication of the accumulated damage sustained by the structure or its 
components and is related to the low cycle fatigue failure of structural components [33, 34]. 
Based on the above arguments, the comparisons in this study emphasize mainly the response 
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quantities of deformation, displacement and energy dissipation. 
4.4.1 Conventional Chevron Braces Versus Conventional X-Braces 
It is commonly recognized that the buckling of a brace in a chevron bracing system can result 
in an unbalanced vertical force at the brace-to-girder junction because of the difference in 
the tension and compression capacities of the braces. The unbalanced vertical force can be 
estimated from 
(4.3) 
where Py is the tension yield capacity, Pc is the compression capacity, and e is the slope 
angle of the braces. 
The potential effect of the unbalanced vertical force on the deformation of the braced-
bay girders can be gauged by comparing the capacity of the girders with the moment res-
ulting from the unbalanced vertical force. Taking the first floor braced-bay girder as an ex-
ample and assuming fixed end conditions, the maximum unbalanced vertical force that can 
be supported by the girder is 
Pmax = 8Mp = 8 X 407kN · m = 434kN 
L 7.5m 
(4.4) 
where Mp is the plastic moment capacity and L the length of the girder. The tension yield 
force of the D 7 x 7 x 1/4 brace is 1383 kN and its post buckling compression capacity is 
about 20% of the tension yield capacity, or 277 kN, as estimated from Figure 4.10(a). The 
resultant unbalanced vertical force Pv is 850 kN, which is much higher than Pmax· From 
this result, there is little doubt that the girders will form plastic hinges under even moderate 
ground shaking. 
The immediate consequence of the formation of plastic hinges in the girders is the severe 
bending deformation sustained by the girders, as shown in a snapshot in Figure 4.7 of the 
deformed braced-bay in F6CV under the Kobe ground motion. The lateral floor displace-
ment time histories and the vertical mid-span displacement time histories of the girders of 
105 
Figure 4.7: Snapshot of the deformed braced bay in frame F6CV at t = 8.5 seconds during the Kobe ground 
motion. It was drawn to scale in each of the horizontal and vertical directions. 
the structure are shown in Figures 4.8 and 4.9. From 0 to 3 seconds into the time histories, 
there is little vertical displacement at the brace-to-girder junctions. Shortly after 3 seconds, 
initial buckling occurs in the left brace of the first story, as can be seen in Figure 4.11, and the 
mid-span vertical displacement in the second floor girder shows a sudden increase. Signific-
ant vertical mid-span displacements occur in other girders at about 3.5 seconds when initial 
buckling occurs in the braces attached to those stories. It is seen that most of the girders 
suffer significant permanent downward deflection. This bending can cause local buckling 
of the girder flange as was found in the Kobe earthquake as well as experimental results, 
and special attention in the detailing of the brace-to-girder connection area has been sug-
gested [12]. 
Another consequence of the flexibility of the girders is that the effectiveness of the bra-
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Figure 4.9: Vertical mid-span displacement time histories of the girders in the braced bay ofF6CV under the 
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Figure 4.10: Hysteresis loops for braces in F6CV under the Kobe ground motion. 
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Figure 4.11: Axial force time histories for braces in F6CV under the Kobe ground motions. 
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capacity because of the girder's inability to support the unbalanced vertical force once the 
brace under compression buckles. Because of this, the deformation of the chevron braces 
is severely biased: extremely large compression but very little extension, as can be seen in 
the hysteresis loops in Figure 4.10. The axial force in the plots is normalized by the tension 
capacity of the brace for easy comparison. None of the braces undergo inelastic elonga-
tion of any significant magnitude, and the right braces provide very little resistance after 
the second major cycle in the time histories as shown in Figure4.11. The hysteresis loops 
for the braces are severely underdeveloped and little energy is dissipated by the them (note 
that the hysteresis plots use different scales for the axial displacement axis.) High localized 
strains in the buckled braces would certainly cause local buckling and rupture observed in 
test results [4, 5, 8]. 
It is interesting to note that, when one brace buckles and the compressive axial force 
drops suddenly, the tensile axial force in the other brace in the same story also experiences 
a sudden drop, as shown in Figure 4.11(a) for example. The reason for this is that when one 
brace buckles, the girder experiences a sudden downward deflection because of the unbal-
anced vertical force at the brace-to-girder junction, thus releasing some of the tensile force 
carried by the other brace. 
The above results are for F6CV which has a clamp-ended chevron bracing system. The 
performance of F6PV, which has pin-ended chevron braces, is worse. The compressive de-
formation of the braces is more severe, and the forces developed and energy dissipated in the 
braces are lower as can be seen in Figure 4.12. In fact the axial force resisted by the right 
braces in some of the stories is practically zero after initial buckling at about 3.5 seconds 
into the time history, as depicted in Figure 4.13. 
The girders in the braced bay can have significant mid-span vertical displacement even 
under moderate ground motion intensity. Figure 4.14 shows the time histories of mid-span 
vertical displacement of the 4th-floor braced-bay girder in F6PV under the Kobe ground 
motion scaled to 40% to 100% of its original amplitude. The peak vertical mid-span girder 
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Figure 4.13: Axial force time histories for braces in F6PV under the Kobe ground motion. 
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Figure 4.14: Time histories of mid-span vertical displacement of the 4th-floor girder in the braced bay of 
F6PV under the Kobe ground motion scaled to different amplitudes. 
In summary. girders in chevron-braced frames may suffer severe bending and the braces 
have only limited effectiveness. The plastic bending of the girders is able to dissipate some 
energy, but the bending may cause buckling or rupture of the girder flanges. It is also not 
desirable to allow large deformation in the girders from the perspective of post-quake repair. 
The unbalanced vertical force caused by the braces is large and it may not be economically 
feasible to design the girders strong enough to support the unbalanced vertical force caused 
by the brace buckling. 
To reduce the unbalanced vertical force on the girders, an X -bracing system can be used 
in place of a chevron bracing system. Each X spans either one or two stories as shown in 
Figure 4.2 on page 95. The unbalanced force at the mid-span girder connection (floors 3 
and 5) resulting from brace buckling is expected to be much smaller. This is demonstrated 
in Figure 4.15 which should be compared with Figure 4.9. The braces are also able to de-
velop their tension capacity, as shown in Figures 4.16 and 4.17. The deformation of the 
braces is more balanced; the hysteresis loops are fuller; and some compressive resistance is 
retained. Also, the portion of the base shear resisted by the first -story braces is larger in the 
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X-braced F6CX than in the chevron-braced F6CV, as shown in Figure 4.18. As also seen 
in Figure 4.18, the effectiveness of the clamp-ended braces (F6CV and F6CX) is superior 
to that of the pin-ended braces (F6PV and F6PX). All these results are for the Kobe ground 
motions. The behavior of the bracing systems is similar under the Sylmar ground motions, 
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Figure 4.15: Vertical mid-span displacement time histories of the girders at floors 3 and 5 in the braced bay 
of F6CX under the Kobe ground motion. 
The difference between the chevron bracing system and X -bracing systems is also re-
flected in the overall response of the structures. The energy dissipated by different parts of 
a structure is one indication of the effectiveness of a bracing system. The energy dissipa-
tion can be divided into two parts: that dissipated by the bracing system and that dissipated 
by other non-brace structural components. A more effective bracing system will dissipate a 
larger portion of the energy. The X-bracing system shows a clear advantage over the chev-
ron bracing system in reducing the energy demand on non-brace structural components, as 
can be seen by comparing the energy dissipation between F6PV and F6PX, and between 
F6CV and F6CX, respectively, shown in Figures 4.20 and 4.21. Under the Kobe ground 
motion, the X-bracing systems in F6PX and F6CX dissipate almost twice as much energy 
as the chevron bracing systems in F6PV and F6CV, respectively, while the energy demand 
























0 z -1 .0 
0 z -1 .0 
-5 0 5 10 -15 -10 -5 0 
Axial Displacement (em) Axial Displacement (em) 
(a) 1st floor 





















z -1 .0 
0 
z -1.0 
-4 -2 0 2 4 -15 -10 -5 0 
Axial Displacement (em) Axial Displacement (em) 










z -1.0 L...~~-~~~~~~ 
Ri ht Broce 
w .5 
E 












-10-8-6-4-2 0 2 4 
Axial Displacement (em) 



















Axial Displacement (em) 
(c) 3rd floor 
Left Broce Ri ht Broce 











z - 1 .0 L...-~-~-~-'-~--' 
-20 -15 -10 -5 0 5 
Axial Displacement (em) Axial Displacement (em) 
(d) 4th floor 












0 z -1.0 
0 2 4 6 8 10 12 
Time (sec) 
(a) I st floor 
~ 1.5 
2 
0 1.0 ~ 






0 z -1 .0 
0 2 6 8 10 12 
Time (sec) 
(b) 2nd floor 
~ 1.5 
2 





0.0 ~ ., ' 0 . 
E -0.5 -- Left ·Brace 
0 Right Brace z -1.0 
0 2 4 6 8 10 12 
Time (sec) 
(c) 3rd floor 
~ 1.5 
2 








E -0.5 Left Broce Right Brace 0 z -1.0 
0 2 6 8 10 12 
Time (sec) 
(d) 4th floor 
Figure 4.17: Axial force time histories for braces in F6CX under the Kobe ground motion. 
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ground motion is similar. 
Under the Kobe ground motion, the peak floor lateral displacement and peak story drift 
in the structures with an X-bracing system are also significantly lower than those in the 
structures with a chevron bracing system, as can be seen from Figures 4.22, 4.23 and 4.25. 
In terms of maximum peak story drift, similar can be said on the comparison between the 
structures with chevron bracing system and those with X-bracing system under the Sylmar 
ground motion. But the average peak story drift of F6CX is somehow slightly larger than 
that of F6CV, as shown in Figures 4.26 and 4.24. 
One possible reason for this is that, because the peak response occurs in the first ma-
jor cycle in the time history under the Sylmar ground motion, the bracing system has not 
experience much deterioration, and therefore the different susceptibility to deterioration of 
different bracing systems can not be differentiated. 
4.4.2 Effect of End Conditions 
In Chapter 2 it was shown that the end condition of a brace has significant effect on its load 
and energy dissipation capacities. How this affects the overall response of a braced frame 
structure under earthquake ground motions is the focus of this sub-section. 
Figures 4.18 and 4.19 show the time histories of the total base shear and the portions of 
base shear resisted by columns and by braces in F6PV, F6CV, F6PX and F6CX under the 
Kobe and Sylmar ground motions. Initially the braces in all structures resisted almost the 
entire base shear, indicating that the lateral stiffness of the structures is provided mainly by 
the bracing systems. The portion of base shear resisted by the braces is reduced signific-
antly after the initial buckling of the braces. However the degree of reduction is different 
for structures with different bracing systems, with reduction more severe in bracing systems 
with pinned ends than in those with clamped ends. 
In terms of peak lateral roof displacement, the structures with clamp-ended braces per-
formed clearly better than those with pin-ended braces, as shown in Figure 4.22. But the 






6 • 0 ·:..:. ~
m ··. 
• -1000 m Total 0 
m -2000 Columns 
-3000 Braces 












• -1000 Total m 
0 Columns m -2000 Braces 
-3000 







6 ,:;.· .. • 0 ' ~
m 
• -1000 otal m 
0 Columns m -2000 Braces 
-3000 





z 2000 Columns 
6 1000 Braces .:1 c 
0 • 0 ~
m 




0 2 4 6 8 10 12 
Time (sec) 
(d) F6CX 






~ • 0 -, ' ~
"' • -1000 Total " 0 Columns m -2000 Braces 
-3000 




Total z 2000 Columns 6 Braces 
~ 
.,.. .. ....;, 
• 0 ~
"' '.I • " -2000 0 m 
-4000 







~ • 0 ~
"' • -1000 Total " 0 Columns m -2000 Braces 
-3000 










"' • " a m 
-4000 
0 2 4 6 8 10 12 
Time (sec) 
(d)F6CX 
Figure 4.19: Base shear time histories under the Sylmar ground motion. 
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Figure 4.20: Plastic energy dissipation on different structural components under Kobe ground motion. 
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Figure 4.22: Peak lateral displacement of F6PV. F6CV, F6PX, F6CX and F6SL under the Kobe and Sylmar 
ground motions. 
meaningful comparison is with the peak story drift in terms of percentage story height. As 
shown in Figures 4.23 and 4.24, under both the Kobe and Sylmar ground motions, structures 
with clamp-ended bracing systems always have smaller maximum peak story drift than their 
counterparts with pin-ended bracing systems. 
Since the maximum peak story drift depends on the vertical distribution of the strength 
of a structure and may be affected by a single weak story, another useful measurement is the 
average peak story drift, as shown in Figures 4.25 and 4.26. It is seen that for the structures 
under consideration, the trend of comparison is similar to that for maximum peak story drift, 
but the degree of difference is different. 
Bracing systems with clamp-ended bracing members generally dissipate more energy 
than those with pin-ended bracing members, and the plastic energy demand on the non-brace 
structural components is lower for structures with clamp-ended braces than for those with 
pin-ended ones, as shown in Figures 4.20 and 4.21. 
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Figure 4.26: Average peak story drift for F6PV, F6CV, F6PX, F6CX and F6SL under the Sylmar ground 
motion. 
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ture, one expected consequence of the deterioration of the bracing system is the reduction in 
the stiffness of the structure. This reduction will be reflected in the frequency contents of the 
response of the structures. To study this change, Fourier spectra are computed for the roof 
lateral velocity time histories for the time period after the first-story braces have buckled 
under the Sylmar ground motion record. These spectra are compared with those computed 
from small amplitude response obtained by scaling the same ground motion history to 1% 
of its original amplitude. The time period used here is between 1.25 and 12.0 seconds. The 
Fourier spectra are normalized so that the maximum value is 1 to facilitate easier compar-
ison, as shown in Figure 4.27. 
Under the scaled Sylmar record the response of the structure is basically linear with a 
predominant frequency of about 1.25 Hz (T=0.8 seconds), and the spectra of the four struc-
tures with conventional bracing systems show little difference. Under the unsealed ground 
motion history, the predominant frequencies of all four structures shift lower to about 0.6 Hz 
(T= 1. 7 seconds). However, the shift of the frequency content is different between the struc-
tures with clamp-ended braces and those with pin-ended braces. Specifically, the spec-
tra of the structures with clamp-ended braces contain more high frequencies than those 
of their counterparts with pin-ended braces, as can be seen by comparing Figures 4.27(a) 
with 4.27(b), and Figures 4.27(c) with 4.27(d). But the effect of the bracing configuration 
(X -bracing versus chevron bracing) is small under this particular ground motion. 
The Kobe and Sylmar ground motions seem to excite different modes of vibrations in the 
structures, as can be seen in Figure 4.22. The Kobe ground motion tends to cause largest 
story drift in the upper middle stories of the structures, while the Sylmar ground motion 
tends to cause the largest story drift in the lower stories. This is what should be expected 
because the large difference in the frequency contents of these two ground motion histories 
as shown in Figures B.l and B.2 in Appendix B. 
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Figure 4.27: Roof lateral velocity spectra of structures under ground motions of different intensities. 
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Figure 4.28: Peak story drifts of F6CV, F6PV, F6CX and F6PX under the Kobe record. 
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Figure 4.29: Peak story drifts of F6CV, F6PV, F6CX and F6PX under the Sylma record. 
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4.4.3 Structure With Non-Buckling Braces 
As is expected, the non-buckling braces have very stable hysteresis loops, as shown in Fig-
ures 4.30 and 4.31. Under both the Kobe and Sylmar ground motions the braces carry a large 
portion of the base shear for the entire loading history, as evidenced in Figures 4.32 and 4.33. 
The bending of the girders in the braced bay is also much smaller. 
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Figure 4.31: Normalized axial force time histories for first-story braces of F6SL under the Kobe ground mo-
tion. 
As for the overall responses, the plastic energy demand on the non-brace structural com-
ponents of F6SL is the smallest among the five structures under both the Kobe and Syl-
mar ground motions, and the non-buckling bracing system dissipates the largest amount 
of energy, as shown in Figures 4.20 and 4.21. Under the Kobe ground motion, F6SL 
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Figure 4.33: Base shear time history of F6SL under the Sylmar ground motion. 
also has the smallest peak floor lateral displacement and peak story drift, as shown in Fig-
ures 4.22, 4.23 and 4.25. 
In terms of peak responses, F6SL shows more advantage over structures with a conven-
tional bracing system under the Kobe ground motion than under the Sylmar ground motion 
(Figures 4.22, 4.24 and 4.24). One reason for this is that, under the Sylmar ground motion, 
the peak response occurs early in the first cycle before the bracing systems experience any 
significant deterioration, and after that the intensity of the response drops off quickly, and 
therefore the difference between the deterioration resistance of the non-buckling bracing 
system and the conventional bracing systems can not be differentiated. In contrast, under 
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Figure 4.34: Roof lateral velocity spectrum of F6SL under ground motions of different intensities. The pre-
dominant frequency of the response shifts lower when the structure is subjected to large amplitude ground 
motions. 
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vibrations for a relatively long period, thus allowing the superior deterioration-resistance 
of the non-buckling bracing system to stand out. The result is more differentiated peak re-
sponse quantities for structures with different bracing systems. Another reason is that a slip 
brace can resist only tensile force, and therefore the virgin strength ofF6SL is lower than the 
other structures with conventional bracing systems. The energy dissipation is dependent on 
the entire response history, and therefore the non-buckling bracing system shows advantage 
over other bracing systems under both ground motions. 
The shift of the predominant frequency in the response spectrum of F6SL is extremely 
small, as can be seen in Figure 4.34 on the page before. Although this structure also exper-
iences significant plastic yielding under the unsealed Sylmar record, the frequency shift is 
minimal, a result of the more stable hysteretic characteristics. Judging from this fact, it can 
be concluded that the frequency shift in the responses of the other four structures is mainly 
the consequence of the deterioration of the bracing systems. 
4.4.4 Effect of Input Frequency Content 
As mentioned above, because of the difference in the natural frequencies of structures with 
different bracing systems, the frequency content of the ground motion inputs may affect the 
comparison. To reduce this effect, this section uses several ground motions with different 
frequency content in the comparison. Two of the five structures, F6CX and F6SL, are se-
lected for this purpose. The ground motions are derived from the Kobe acceleration record 
through temporal and amplitude scaling as described in Appendix B to achieve desired fre-
quency content and intensity. 
The issue concerning the choosing of suitable ground motions input arises from the fact 
that different bracing systems give the structure different natural frequencies and thus dif-
ferent frequency response characteristics. This makes it difficult to determine whether the 
difference in responses of two structures with different bracing systems is the result of dif-
ferent natural frequencies or of differences in other qualities like deterioration resistance 
and energy dissipation capacity. This distinction is important because the reduction of re-
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sponses caused by the change of natural frequencies is beneficial only in the case where the 
frequency content of possible ground motion is known, while the reduction caused by in-
creased deterioration resistance and energy dissipation is beneficial in all cases and is there-
fore more desirable. In an attempt to differentiate these two effects, a series of scaled ground 
motions have been used in the study. Details of the scaling are discussed in Appendix B on 
page 151. The range of the temporal scaling factor A considered is between 0.6 and 2.0, 
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Figure 4.35: Energy dissipation by braces and non-brace structural components of F6CX under the scaled 
Kobe ground motions. 
The frequency content of ground motion inputs has significant effect on the response 
of the two structures. However over the range of temporal scaling factor considered, F6SL 
consistently shows better performance over F6CX. Figures 4.35 and 4.36 plot the energy 
dissipation by the bracing system and non-brace structural components for F6CX and F6SL 
under the scaled Kobe ground motions. It is seen that the energy demand on the non-brace 
structural components in F6SL is considerably lower than that on the same components in 
F6CX for the entire range of temporal scaling. The peak roof displacement (Figure 4.37), 
the maximum peak story drift (Figure 4.38) and the average peak story drift (Figure 4.39) 
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Figure 4.36: Energy dissipation by braces and non-brace structural components of F6SL under the scaled 
Kobe ground motions. 
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Figure 4.38: Maximum peak story drift of F6CX and F6SL under the scaled Kobe ground motions. 
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Figure 4.39: Average peak story drift of F6CX and F6SL under the scaled Kobe ground motions. 
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of F6SL are also consistently smaller than those of F6CV for the range of temporal scaling 
factor. 
Question concerning of the propriety of using the virgin strength of the braces in the 
design is also echoed by the results in this chapter. Although the push-over result in Fig-
ure 4.6 on page 102 show that the structures have adequate strength, but the response levels 
under the Sylmar and Kobe ground motions are unacceptably high. 
4.5 Conclusions 
The effects of different bracing systems on the response of braced structures have been stud-
ied. The following conclusions are made: 
1. Under small amplitude vibrations, the bracing system provides the main portion of 
the lateral stiffness of the structures and resists most of the lateral shear force. But 
after the buckling of the braces, redistribution of base shear occurs and the columns 
carry significantly more of the shear force. 
2. The unbalanced vertical force resulting from brace buckling in a chevron bracing sys-
tem can cause severe bending of the beam to which the braces are connected. This 
also reduces the effectiveness of the bracing system significantly and causes severe 
compression of the braces. X -bracing can alleviate this problem and result in better 
bracing performance. The response of structures with X -bracing is less severe than 
that of structures with chevron bracing. 
3. A bracing system with clamp-ended braces has better force resistance and energy dis-
sipation capacities, leading to smaller response, than one with a pin-ended bracing 
system. 
4. The non-buckling bracing system provides good lateral shear resistance through-out 
the entire time history because of its stable hysteretic characteristic. The response of 
the structure with a non-buckling bracing system is considerably smaller than other 
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structures with a conventional bracing system under ground motions with several sig-
nificant cycles. The non-buckling bracing system is especially effective in reducing 
the plastic energy demand on the non-brace structural components. This is true for 
ground motions with a wide range of frequency content. However, for ground motion 
input whose main energy is concentrated in one cycle, as in the case of the Sylmar re-
cord, the non-buckling bracing system shows less advantage over the conventional 
bracing systems. 
5. The combination ofX-bracing and clamped-clamped end condition give the best bra-
cing performance for the conventional bracing systems considered in this study. 
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Chapter 5 
Summary and Conclusions 
This thesis examines the earthquake behaviors of steel bracing members and braced steel 
frames. A summary of the subjects under consideration and the main conclusions is presen-
ted in the following. 
5.1 Braces Under Cyclic End Displacement 
5.1.1 Inertia Effect 
Braces under axial compression belong to a class of "acceleration magnifying" structural 
elements in which small motion at the loading point can result in large internal acceleration 
and hence large inertia. This phenomenon has direct effect on the validity of the numerical 
and pseudo-dynamic modeling of braced structures under dynamic loading. In numerical 
analysis, a technique called static condensation is commonly used to remove the internal 
degrees of freedom of a brace from the global equations. In pseudo-dynamic modeling, the 
internal dynamics of the braces is routinely ignored because of the limited number of data 
channels and actuators. How these simplifications affect the accuracy of modeling is the 
focus of Chapter 2, which studies the effect of internal inertia on the response of individual 
braces under cyclic end displacement typical of earthquake response of steel frames. The 
study uses a fiber type finite element beam-column model. 
The effect of internal inertia is found to depend on several factors, of which the most im-
portant are the period of the end displacement input and the slenderness ratio of the braces. 
For slender braces, the most pronounced effect of the period is on the axial force response. 
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Inputs of short period produce higher axial force response. For braces with a slenderness 
ratio greater than 100, an input with period shorter than 0.8 seconds can result in significant 
increase in the peak axial force compared with the value predicted by quasi-static analysis. 
Very short input periods (about 0.2 seconds) also cause significant increase in the compress-
ive strain for braces with slenderness ratio over 100. 
For stocky braces, the effect of inertia is more visible on the deformation patterns than on 
the magnitude of axial force and strain. End displacement inputs with short period can cause 
unsymmetrical deformation in the braces similar to the unsymmetrical buckling of shallow 
arches under distributed lateral force. This unintuitive deformation mode is fundamentally 
different from what can be predicted by quasi-static analysis. 
From the results it is concluded that, for braces similar to those considered in this thesis, 
if the period of the input is longer than 0.8 seconds, the effect of internal inertia can be ig-
nored and the static condensation technique can be applied to the internal degrees of free-
dom. For input with period less than 0.5 seconds, the peak axial force can be significantly 
higher than the value predicted by quasi-static method. It is suggested that a full-blown 
dynamic analysis be carried out whenever possible. If this is not practical, localized meas-
ure should be considered to account for the effect of increased brace force on the adjacent 
structural components. The increase in the axial force takes the form of disturbance with fre-
quencies much higher than the normal range found in building structures. Its effect on the 
overall response of a structure under earthquake ground motions is not clear, and the need for 
further research exists. Besides its implication in the numerical and pseudo-dynamic mod-
eling of structures under earthquake ground motions, this part of the study can also have 
significance in the response of structures under blast and impact loads. 
5.1.2 Brace Deformation 
Local buckling and cracking, together with connection damage, are the primary modes of 
brace failure. Large compressive axial deformation is the cause of local buckling, which in 
tum leads to strain concentration and cracking. Chapter 2 also studies the deformation of 
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braces of different sizes and end conditions under monotonic and cyclic end displacement. 
The distribution of axial strain over the length of a brace under axial end displacement is 
highly uneven, and strain concentration occurs. The maximum strain can be several times 
the equivalent uniform strain. The size of a brace affects its strain distribution and mag-
nitude. Slender braces often have more severe strain concentration, but stocky braces have 
higher strain magnitude under the same end displacement. The strain resulting from cyclic 
end displacement is higher than that from monotonic end displacement of identical mag-
nitude. 
5.2 Braced Steel Frames With Column Uplift 
Recent earthquake events have demonstrated the large magnitude of axial force in braced 
bay columns and the difficulty in properly anchoring the column bases. Chapter 3 of this 
thesis examines the effect of column uplift and explores the feasibility of flexible column 
base anchoring. A 6-bay and 4-story frame structure with one strong braced bay is designed 
for this purpose. 
The study finds that free column uplift can seriously reduce the lateral force resistance 
of the frame and result in large story drift. The pounding of an uplifted column with its 
base also significantly increases the compressive axial force in the column. Flexible non-
pounding column base anchoring can reduce the force in the braced bay columns and braces, 
but can result in story drift too large to be acceptable. The results show that using strong 
braces in a small number of bays poses serious difficulty in the design of columns and 
column base anchoring. 
5.3 Non-Buckling Bracing System 
Chapter 2 shows that slender braces are susceptible to deterioration, while, on the other 
hand, Chapter 3 and experience from past earthquakes show that using strong braces can 
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result in large braced bay member force and increase the likelihood of failures in the braced 
bay members and their connections. Since buckling is the cause for brace deterioration, a 
non-buckling bracing system is proposed in Chapter 4 in an attempt to solve this dilemma. 
The proposed bracing system eliminates the possibility of buckling, and thus can be used 
with small braces distributed in more bays without increasing the susceptibility of deterior-
ation. 
The effectiveness of this bracing system is assessed by comparing the responses of a 6-
story frame building braced by different bracing systems under artificial and recorded earth-
quake ground motions. This study does not deal with the implementation of the bracing 
system. Instead, the goal of the study at this stage is to demonstrate the potential of the 
non-buckling bracing system, and hopefully, to stimulate further research in this area. The 
results show that the proposed bracing system can significantly reduce the response of the 
structure compared with conventional bracing systems. 
The effectiveness of conventional bracing systems with different brace configurations 
and end conditions are also studied. The results show that, in a frame with a Chevron bra-
cing system, the unbalanced vertical force resulting from brace buckling can cause severe 
bending in beams to which the bracing members are attached. In return, the severe bend-
ing of the beam also reduces the effectiveness of the bracing system. Bracing systems with 
clamped brace ends generally show more effectiveness. 
The results from ground motions recorded during the Northridge and Kobe earthquakes 
raise questions regarding the adequacy of code-designed conventionally braced frames. Ex-
tremely large story drifts are observed in these frames under the two ground motion records. 
The exact reason for this is not clear. Low strength reserve in the frames after brace buckling 
occurs is one possible reason that merits further study. 
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Appendix A 
Notes on Modeling and Programming 
A.l Equation of Motion 
The dynamic response of a structure is obtained by solving its equation of motion. For com-
plex nonlinear structures this is usually possible only in discrete form through numerical 
iteration. This is the approach used through out the studies of this thesis. After spatial dis-
cretization, the equation of motion for a structure can be written 
[M]{ti(t)} + [C]{d(t)} + {R(t)} = {f(t)} (A.l) 
where [ M] is the mass matrix, [ C] the linear viscous damping matrix, { R( t)} the static res-
isting force vector corresponding to the displacement vector {d(t)}, and {f(t)} the load 
vector which includes the gravity and earthquake loads. {!( t)} can be expressed as 
{f(t)} = -[M]{I}a(t) + {F} (A.2) 
where { a(y)} is the ground acceleration, {I} the participation vector, and { F} the gravity 
load vector. 
A.2 Mass Matrix 
The mass of the structures is lumped at the nodes, which usually mean the beam-to-column 
junctions in a frame structure. Because of the complexity of three dimensional structures, 
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they are simplified into planar frames in this study. In some cases all or part of the inner 
columns of a building are designed to only carry vertical load. Under such situation the mass 
that participates in horizontal acceleration is usually different from the mass that participates 
in the vertical acceleration in the two dimensional model. 
A.3 Stiffness Matrix 
The resisting force vector { R( t)} is generally a nonlinear function of displacement vector 
{d(t)} and depends on the deformation history in the existence of inelastic deformation. 
Because of this, linearization and iterations during each time step are necessary to integrate 
the equation of motion. In the vicinity of a current approximation { d} of the displacements 
vector at timet+ !::,.t, the resisting force vector can be expressed approximately by the equa-
tion 
{R(t + !::,.t)} = [KT]{!::,.d} + {R} (A.3) 
where [KT] = 'V{dJ{R(t + L::,.t)} is the tangent stiffness matrix, {L::,.d} the displacement 
increment, and { R} the resisting force vector corresponding to { d}. 
A.4 Damping Matrix 
For linear structures, the damping matrix [ C] is commonly expressed as various forms of 
combination of the mass matrix [ M] and the stiffness matrix [ K], among which the follow-
ing form is most frequently used 
[C] = a0 [M] + ar[K] (A.4) 
where a0 and a 1 are chosen to give the system the desired level of damping. One obvi-
ous advantage of such an expression of [ C] is that it allows the system to have classical 
modes and thus can be un-coupled with the undamped modal matrix [29], making classical 
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modal analysis possible. The expression also easily relates the coefficients a 0 and a 1 to the 
modal damping ratio(, whose measuring is widely conducted in dynamic structural test-
ings, through the equation 
(A.5) 
where w is the frequency of vibrations in radians/sec. Many structures do have un-coupled 
modes during small amplitude vibrations. If the value of (is given at two different frequen-
cies w1 and w2 , then a 0 and a 1 can be determined from 
(A.6) 
It is noted from Equation A.S that the damping ratios for different modes can be different. 
Only at frequencies w1 and w2 does the damping ratio equal to the desired value. For fre-
quencies in the range between w1 and w2 the damping ratio is lower than the desired value, 
resulting in under-damped modes; for frequencies outside of the above range the damping 
ratio is higher than the desired value, resulting in over-damped modes. 
In modal analysis of linear systems, the matrix [ C] can simply be ignored and damping 
ratios are assigned to individual modes directly. But this is not possible in direct integration 
of nonlinear structures. One solution is to include more terms from the Caughey series in 
the expression of [ C]. This will still guarantee the existence of the classical normal modes 
of the system. Other methods call for the use of more complicated functions of the com-
ponents in [M] and [K] and do not guarantee the existence of the classical normal modes. 
The computation work is likely to increase with these methods. 
There is an additional difficulty when nonlinear structures are the concern. All the above 
expressions of the damping matrix call for the use of the stiffness matrix in one way or an-
other. For a nonlinear structure the stiffness matrix is no longer constant, and theoretically 
the stiffness of some of the structural components can go down to near zero. Under this situ-
ation the use of the initial stiffness matrix in Equation A.4 can result in artificially large vis-
cous damping energy dissipation because the weakened components will experience more 
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severe deformation and the viscous damping energy dissipation is proportional to the de-
formation and the stiffness which does not reflect the change. 
One extreme example is when modeling brittle damage of certain structural compon-
ents with high stiffness. Because of its high stiffness, the damping coefficients associated 
with this type of components are large. This is not a serious problem before a component 
is damaged since the deformation in the components is small. But once the component ex-
periences brittle damage, the stiffness provided by the components drops to zero and large 
relative displacement may result. But since [C] is constant, it does not reflect the change in 
stiffness associated with the damaged components, and dissipates undue amount of energy 
because of the large relative displacement. 
The situation with braces is similar. The linear stiffness associated with a brace is very 
large compared with other components. But when it buckles or yields there is a steep drop 
in its stiffness and thus allows large relative displacement between its two ends, resulting in 
abnormal energy dissipation through damping coefficient term. It should be noted that the 
energy thus dissipated is in addition to the energy dissipated through plastic deformation. 
To correct this problem the use of a damping matrix that will take into account of the 
changing stiffness is desirable. One way to do this is to use the current tangent stiffness 
matrix. If the components that are likely experience significant plastic deformation can be 
identified prior the start of computation, the contribution to the damping matrix by these 
components can be removed from [C]. This treatment causes some inconsistency in the 
damping ratios of the system. But it is not expected to cause significant error to the solu-
tion, especially for responses under strong ground motions since the viscous damping effect 
plays only a small role compared with the hysteretic damping effect associated with plastic 
deformation. 
In this study the damping of a structure is considered in two parts: viscous damping and 
hysteretic damping. The viscous damping can be interpreted as the damping that is meas-
ured in small amplitude vibration testing, while the hysteretic damping is determined by 
the hysteretic characteristics of the force term R { t} in Equation A.l. The stiffness of all 
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braces and panel zones, which are particularly easy to yield, is not included in [ C] to avoid 
excessive energy dissipation by these components when they experience yielding or buck-
ling. Since the studies are primarily interested in the nonlinear response of frame structures 
under strong earthquake, the hysteretic damping term dominates and the above approxim-
ation is expected to have only small effect. 
A.S Integration of The Motion Equation 
Substitution of Equation A.3 into Equation A.1 and discretization in time domain using con-
stant average acceleration method give 
(A.7) 
which is then solved iteratively for { ~d} at each time step. There are a few details that call 
for special attentions in the iteration process. 
One problem is associated with the irreversibility of plastic deformation: Unlike the en-
ergy stored in the form of elastic potential, the energy dissipated in plastic deformation will 
never be returned to the system in other form of energy. In the iterative solution process it 
is inevitable that some iterations will over-shoot the target deformation state. Even though 
the iteration mechanism will try to retreat from the over-shot state, it can never arrive at the 
real target since the energy dissipation that is realized in the over-shot is irreversible. This 
problem is also frequently described in the perspective of artificial unloading [26]. 
To avoid this problem, an iteration scheme [10] in which each iteration within a time 
step is based on the deformation state at the beginning of the time step is used. According 
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to this scheme, the displacement vector at timet + /:,.t for iteration k + 1 is expressed as 
(A.S) 
where {d(t)} is the displacement vector at the beginning of the time step, and {!:,.ak} is 
the displacement increment vector from { d( t)}. The plastic energy dissipation within the 
time step depends only on the beginning state and the final state, thus avoiding the artificial 
energy dissipation during the iterations. 
Numerical experiment shows that in many cases the use of tangent stiffness in the itera-
tion can speed up convergence significantly. But there are times when the use of the elastic 
stiffness is prefered or necessary. One such case is in the first iteration of each step. This is 
necessary to trace the correct load-deformation path when the deformation direction change 
from loading to unloading. It may also help to switch to the elastic stiffness when the itera-
tions are not showing convergence. Another situation in which the use of the elastic stiffness 
matrix may be helpful is when the left hand side matrix of the iteration equation becomes 
non-positive definite because of large axial force and small material stiffness. 
The program uses a two-level iteration scheme in which the internal degrees of freedom 
of some of the members are statically condensed and only the boundary degrees of freedom 
enter the global displacement vector. After each global iteration, the global nodal displace-
ments are imposed on the condensed components; the internal forces and nodal displace-
ments of the members are then computed by iterations at the member level. The resulting 
imbalance nodal forces enter the next global iteration until the desired accuracy is achieved. 
A.6 Fiber Element 
Beams, columns and braces are modeled by fiber elements [10]. In this model, an unde-
formed member is divided into a number of segments by node planes perpendicular to the 
longitudinal axis of the member, as is shown in Figure A.l(a). A node plane is assumed to 
remain a plane, but not necessarily perpendicular to the longitudinal axis, after deformation. 
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Each segment is further divided into a number of strips over the cross-section, as illustrated 
in Figure A.l(b) for an !-shaped cross-section. The strips are then replaced by abstract uni-
axial fibers at the centroid of the strips. These fibers are connected to the two node planes 
of the segment but are otherwise independent to each other, as shown in Figure A.l (c). The 
deformation of the fibers in a segment is entirely determined by the translational and rota-
tional displacements of the two node planes at the ends of the segment. 
II I I II I 
(a) Subsegments (b) Strps 
Fiber_/
1 
Node plane Deformed 
(c) Fibers 
Figure A.l: Fiber modeling af a W-shape structural member. (a) The member is divided into a number of sub-
segments. (b) The crass-section is divided into a number of strips. (c) The strips are represented by fibers. 
The stress for a fiber under a given deformation history is determined by a hysteretic 
model detailed in [11]. The basis of the hysteretic model is the monotonic loading curve, 
which is defined by the elastic modulus E, yield stress ay, ultimate stress au, strain Esh at 
initiation of strain hardening, strain Eu at ultimate stress, rupture strain Er, and initial strain 
hardening modulus Esh, as shown in Figure A.2. The monotonic loading curve is assumed 
to apply in both tension and compression. 
When no unloading is involved, the determination of stress amounts simply to follow-
ing the monotonic loading curve. When the stress-strain history involves unloading, the 
determination of stress makes use of two backbone curves and a set of rules. The two back-
147 
bone curves, one for tensile stres~ state and the other for compressive stress state, have the 
same shape as the monotonic curve but they shift along the strain axis. Details on the rules 
to trace the hysteretic stress-strain path can be found in [10]. 
Given the current stresses of the fibers, the resultant nodal axial force P and moments 
M1 and M2 for the segment are computed as 
Nt 
P = I;aiAi (A.9) 
i=l 
Nt 1 




M2 = I; aiAihi + -Ql 
i=l 2 
(A.ll) 
where N1 is the number of fibers, ai the stress in the i-th fiber, Ai the cross-sectional area 
of the strip represented by the fiber, hi the distance of the fiber from the centroid of the seg-
ment's cross section, l the length ofthe segment, and Q the shear force. The shear force is 
assumed to be carried by the material in the segment elastically and is calculated from 
Q = ~GA*1 (A.l2) 
where 1 and A* are the average shear deformation and the effective shear area of the seg-
ment, respectively. The inclusion of the term Ql /2 in the formulas for M1 and M2 is ne-
cessary because the summation term is more appropriately interpreted as the moment at the 
mid-point of the segment. 
The computation of the segment tangent stiffness matrix, which relates nodal displace-
ment increments to nodal force increments, follows the regular finite element procedure. 
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Figure A.3: Hysteretic stress-strain behavior for the fiber model [II]. 
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where [ K F] represents the contribution from material and geometric stiffnesses of the fibers, 
and [KsH] the shear stiffness: 
Nt [ A 
Er; 0 -ETih; 
[KF] = ~ -~; -A;]' [A;]= A; 0 0"; 0 A; l 
-Er;h; 0 Er;hf 
(A.l4) 
0 0 0 0 0 0 
1/l -1/2 0 -1/l -1/2 
[KsH] = GA* 
l/4 0 1/2 l/4 
(A.l5) 
0 0 0 
sym 1/l 1/2 
l/4 
The element stiffness matrix is then transformed from local coordinate system into global 
coordinate system and is then assembled into the global stiffness matrix. 
The computation associated with the fiber element model is quite CPU intensive when 
there is yielding or buckling in the elements. To improve the computational efficiency, the 
internal degrees of freedom are statically condensed and only the degrees of freedom of 
the two ends of a component enter the global equilibrium equation of the structure. This 
greatly reduces the total number of degrees of freedom of the structure and thus improves 
computational efficiency. 
Numerical results [10] show that the fiber element, with its ability to include strain 
hardening, gradual spread of yield area, axial-flexural yield interaction, is able to model 
some of the difficult problems like cyclic elasto-plastic buckling of steel columns with good 
accuracy. For beams and columns the use of7 to 8 subsegments gives satisfactory accuracy. 
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A. 7 Panel Zone Element 
Common methods of beam-to-column connection in steel frame structures include welds, 
rivets, unfinished bolts, and high-strength bolts. This thesis is concerned with the type of 
welded joints that in engineering practice are sometimes classified as being rigid, or more 
precisely, the type of joints whose connections themselves are so rigid that their deformation 
can be neglected under normal loading condition. Despite of the rigidity of the connections, 
the beam-to-column joint assemblage can nevertheless exhibit some degree of flexibility 
under earthquake ground motion. 
Research has shown that the deformation of the beam-column joints can have consider-
able effects on the response of a steel frame structure, and panel zones exhibits stable hys-
teretic behavior and are excellent means for energy dissipation [35]. 
The hysteretic behavior of a panel zone is modeled in a similar way as that of a fiber, 
except that a different monotonic loading curve (between moment MPz and shear strain /'pz) 
is used [10]. The monotonic moment-shear strain loading curve for the panel zone begins 
with a linear segment to 0.8 of the yield moment Mf': 
(A.16) 
where Ty = ay / y'3 is the shear yield stress, de, db and t are the width, height and thickness 
of the panel zone. Following the linear segment is a quadratic ellipse that is tangent to the 
preceding linear segment and reaches a zero slope at l'u = lOOf'y, MSz = 2.35Mf', where 




Earthquake Ground Motions 
Several ground motion time histories are used in this thesis. They include the Sylmar Olive 
View Hospital record from the 1994 Northridge earthquake, the Kobe JMA record from the 
1995 Hyogo-Ken Nanbu, Japan earthquake, the Vina del Mar record from the 1985 Cent-
ral Chile earthquake and the B-1 artificial ground motion time history from [32]. The ac-
celeration time histories and response spectra of these ground motions are plotted in Fig-
ures B.1 to B.4. 
The Sylmar and Kobe JMA ground motions shown in Figures B.l and B.2 are each the 
combination of the two orthogonal horizontal components 
a(t) = aN-s(t) cos 0 + aE-w(t) sinO (B.1) 
where aN-s(t) is the N-S component, aE-w(t) is the E-W component, and& is chosen such 
that the integral 
(B.2) 
is maximized, where T is the duration of the ground motion record. 
This set of ground motions represent a wide range of intensities, frequency contents and 
durations. The Kobe JMA record has a very high intensity both in terms peak acceleration 
and peak response spectrum. The Sylmar record also has a very high peak acceleration, 
but the peak response spectrum is smaller and the duration of significant ground motions is 
shorter. In fact significant ground motions in the Sylmar record occur only in two cycles. 
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Figure B.l: The Sylmar ground acceleration from tbe 1994 Northridge earthquake. The record is a combin-
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Figure B.2: The Kobe JMA ground acceleration from the 1995 Hyogo-Ken Nanbu (Kobe), Japan, earthquake. 
The record is a combination of the two horizontal acceleration components. 
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the braces in a structure. The Vina del Mar and the B-1 artificial ground motions have re-
latively long durations of significant ground motions but much smaller intensities in terms 
of peak acceleration and response spectrum, which are more in line with pre-Northridge es-
timation of earthquake intensities. The frequency contents of the Kobe JMA record and the 
Vina del Mar record are largely concentrated around one second period, which is close to the 
small amplitude natural period of the structures analyzed, but the other two have significant 
long period content. 
The comparison of the earthquake performance of two different structures is invariably 
affected by the frequency contents of the ground motions used since different structures are 
likely to have different frequency characteristics. To reduce this effect, it is desirable to 
conduct the comparison under ground motions with a wide range of frequency contents. 
The solution of this thesis is to use scaled ground motions as well as the original ground 
motions presented above. A ground motion time history can be scaled both in time and in 
amplitude: 
a(t, >., Jl) = Jlao(tf>.), o ::; t ::; >.T (B.3) 
where>. is the temporal scaling factor, fi is the amplitude scaling factor, and a0 (t), 0 ::; 
t ::; T, is the un-sealed ground motion. The effects of the scaling factors can be seen more 
clearly from the Fourier transform of a(t, >., fi): 
(B.4) 
where A0 (w) is the Fourier transform of a0 (t). From Equation B.4 it is seen that>. affects 
the Fourier transform of a(t, >., Jl) in amplitude as well as in frequency contents, while J1 
affects only the amplitude. A >. > 1 increases the amplitude of the Fourier transform by a 
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factor of A and shifts the frequency content towards the lower end by the same factor. So 
both the frequency content and the Fourier transform amplitude of a(t, A, J.L) can be adjusted 
by choosing appropriate A and /t. 
For better comparability, it is desirable to use ground motions that have about the same 
"intensity." However, the intensity of a ground motion is not a well defined concept and dif-
ferent, sometimes contradicting, definitions have been used. These methods can be divided 
into three categories [32]: 
1. Characterization by peak parameters of time histories; 
2. Spectral methods; 
3. Energy methods. 
Peak parameters of time histories are single-parameter measures based on the maximum 
ground acceleration, velocity or displacement. Because of the inherent limitation of a one-
parameter measure of a complex wave form, methods in this category are not used in this 
study. 
The response spectral methods most commonly used in earthquake engineering are 
based on the response spectra which have an explicit engineering meaning. The disadvant-
age is that it is not easy to find a simple relation between the response spectrum of the un-
sealed ground motion a0 (t) and that of the scaled ground motion a(t, A, J.L) similar to Equa-
tion B.4. But since the Fourier spectrum and the response spectrum under low damping are 
very similar, the Fourier spectrum is adopted as the measures for the intensity of a ground 
motion in this study. Based on this definition of intensity, it is seen from Equation B.4 that 
to maintain max /A(w, A, f.L)/ = 17 max /Ao(Aw) /requires 
(B.S) 
where 17 is the intensity scaling factor. 
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The "energy" of a ground motion a0 ( t), 0 ::; t ::; T, in a generalized sense, is defined 
in the fashion of [32] as 
Wo(oo)= f"a5(t)dt= {a5(t)dt. (B.6) 
According to this definition, the energy of a>,(t), 0::; t::; >.T, is 
(B.7) 
By requiring W(>., f.l, oo) = ryW0 (oo), it follows that 
f.l = ;;;1>.. (B.8) 
It is easy to show that such a choice of f.l also leads to 
(B.9) 
That is, the areas under the Fourier spectra of a(t, >., f.l) is equal to that of rya0 (t). Numer-
ical experimentation seems to indicate that the intensity of structural response under ground 
motions generated according to this criterion is less equal than the spectrum criterion. This 
thesis uses the spectrum criterion. 
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